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PREFACE 

This  is  the  final  report  on  IIT  Research  Institute  (IITRI) 
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ing".  This  research  project  was  performed  for  the  Department  of 
Transportation,  Federal  Highway  Administration  (FHWA)  under  Contract 
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Lott  of  Illinois  Institute  of  Technology  were  engaged  as  consultants 
respectively,  for  the  simplified  bridge  analyses  and  the  application 
of  fiber  reinforced  concrete  to  retrofit  measures.   The  seismic  load- 
ings for  this  investigation  were  produced  by  J.  H.  Wiggins  Co.  under 
the  general  direction  of  Dr.  G.  C.  Hart.   Prof.  T.  B.  Belytschko 
of  University  of  Illinois ,  Circle  Campus  was  used  as  a  consultant 
in  the  development  of  the  nonlinear  bridge  analysis  computer  code. 
Mr.  F.  A.  Reickert  of  Hazelet  and  Erdal ,  Consulting  Engineers  and 
Dr.  J.  M.  Hanson  of  Wiss,  Janney,  Elstner  and  Associates,  Inc.  also 
served  as  consultants  for  various  phases  of  the  project. 
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ABSTRACT 

The  objective  of  this  project  was  to  determine  cost  effective 
means  for  modifying  existing  intermediate  size  bridges  so  as  to 
better  withstand  the  damaging  effects  of  intense  earthquake  ground 
motions.   Research  studies  were  performed  to  identify  and  define, 
through  structural  analysis,  practical  techniques  and  criteria  for 
retrofitting  the  bridges  selected  during  the  program.   The  need  for 
retrofitting  is  based  on  the  philosophy  that  damage  should  be  lim- 
ited so  that  collapse  does  not  occur  and  traffic  can  be  restored 
after  minimum  repairs . 

Seven  different  bridge  structures  were  selected  throughout  the 
United  States  in  high  risk  seismic  regions.   Seismic  loads  were  de- 
termined for  each  bridge  based  on  the  soil  conditions  and  seis- 
micity  at  its  site.   A  simplified  analysis  procedure  was  defined 
during  the  project  and  validated  by  selective  comparisons  with  non- 
linear response  analyses .   Each  bridge  was  analyzed  for  horizontal 
seismic  loads.   Failures  and  potential  weaknesses  are  indicated  for 
several  of  the  structures  and  retrofit  measures  are  recommended. 
All  known  retrofit  concepts  which  are  of  potential  value  in  reducing 
seismic  bridge  damage  are  described  and  illustrated. 

Based  on  this  study,  many  bridges  located  in  high  seismic  risk 
zones  may  be  subjected  to  severe  damage  and  potential  failure  during 
the  life  of  the  structure. 
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1.   INTRODUCTION 

The  study  described  herein  was  at  least  in  part  motivated  by 
the  extensive  damage  that  was  sustained  by  highway  bridges  during 
the  February  9,  19  71  San  Fernando  earthquake.   The  program  objec- 
tive was  to  identify  and  define  practical  techniques  and  criteria 
for  retrofitting  existing  highway  bridges  so  as  to  increase  their 
resistance  to  seismic  forces.   In  the  context  of  this  report,  the 
basis  for  retrofitting  a  given  bridge  is  not  intended  to  allow  no 
damage  whatsoever,  but  may  be  interpreted  as  limiting  the  damage 
to  the  extent  that  the  bridge  does  not  collapse  and  that  traffic 
may  be  maintained  at  least  in  the  immediate  period  after  an  earth- 
quake, with  minimal  emergency  repairs  to  the  bridge. 

To  meet  this  objective,  the  study  performed  was  primarily 
analytical  and  included  the  following  tasks : 

©  Selection  of  Candidate  Bridge  Structures 

e  Determination  of  Seismic  Environments 

©  Selection  and  Formulation  of  the  Analysis  Method 

©  Analysis  of  Bridges  and  Identification 
of  Failed  Components 

©  Selection,  Evaluation  and  Reevaluation 
of  Retrofit  Concepts 

©  Selection  and  Ranking  of  Final  Retrofit  Concepts 

A  total  of  seven  existing  bridges  were  selected  for  the  study 
The  basis  of  selection  was  to  provide  a  representative  sample  of 
highway  bridges  all  designed  to  be  constructed  in  seismic  risk 
zone  3  and  such  that  most  of  the  common  bridge  parameters  would 
be  considered  at  least  once.   Bridge  parameters  referred  to,  are  in 
the  following  categories: 

©  Materials  -  reinforced  concrete,  steel 

©  Type  of  deck  (slab)  -  box  girder,  steel  and 
concrete  composite,  etc. 

©  Type  of  pier  -  column,  wall,  etc. 

©  Slab  support  conditions 

®  Types  of  bearing  supports  and  hinges 

©  Types  of  expansion  joints,  etc. 


Geographically,  the  selection  consists  of  three  bridges  from 
California  and  one  from  each  of  the  following  four  states:  Alaska, 
Illinois,  Montana  and  New  York.   The  sample  represents  five  states 
each  having  its  own  design  criteria  which  with  the  possible  excep- 
tion of  California  are  not  really  very  different.   Gravity,  wind, 
thermal  and  mechanical  loads  are  the  basis  for  the  proportioning 
of  structural  members  for  the  majority  of  the  United  States.   For 
the  time  period  prior  to  the  February  9,  19  71  San  Fernando  earth- 
quake, the  state  of  California  did  stipulate  the  use  of  lateral 
loads  in  some  reasonable  combination  with  the  loads  mentioned 
earlier. 

Physical  information  on  bridges  was  received  from  the  various 
highway  departments  in  the  form  of  bridge  plans,  i.e.,  engineering 
drawings.   This  information  was  generally  adequate  for  describing 
bridge  geometries  and  computing  physical  properties  of  pertinent 
structural  components.   No  attempt  was  made  to  seek  original  design 
calculations  or  maintenance  logs  for  these  bridges.   Bridges  con- 
sidered in  this  study  are  described  in  Appendix  C. 

The  key  items  in  a  bridge  analysis  process  are  (1)  the  de- 
termination of  probable  ground  motions,  (2)  selection  of  appropri- 
ate analysis  method  and  a  sufficiently  accurate  structural  model 
of  the  bridge.   The  probable  "earthquake"  at  a  given  bridge  site  can 
be  determined  on  a  statistical  basis  by  the  use  of  historic  earth- 
quake data  catalog  previously  compiled  for  the  given  geographic  area 
The  earthquake  at  the  site  can  be  expressed  in  terms  of  a  maximum 
peak  acceleration,  an  "effective"  acceleration,  a  response  spectrum 
or  a  motion  history.   A  number  of  sources  for  such  information  are 
currently  available  and  several  levels  of  "accuracy"  are  possible. 
Ground  motions  considered  in  this  study  are  based  on  available  his- 
toric seismic  data  for  each  bridge  site.   The  corresponding  "earth- 
quakes" and  procedure  used  are  described  in  Appendix  A.   A  general 
discussion  of  the  problem  of  earthquake  prediction  is  included  in 
Section  3. 

The  unique  aspect  of  earthquakes  is  the  fact  that  motions  gen- 
erally persist  for  a  "long  time"  relative  to  the  natural  periods 


of  bridge  components.   A  component  can  therefore  experience  many 
load  cycles  of  varying  magnitude  during  the  passage  of  the  prin- 
cipal portion  of  an  earthquake.   Many  cycles  of  "low"  magnitude 
can  be  more  effective  in  producing  damage  than  a  single  cycle  of 
"high"  magnitude  and  short  duration.   Analysis  methods  capable  of 
considering  such  random  motions  and  predicting  the  corresponding 
behavior  of  a  structure  in  whatever  phase  (elastic,  nonelastic) 
it  chooses  to  respond,  are  still  very  much  in  the  research  phase. 
Presently  the  problem  is  hampered  by  lack  of  reliable  data  on  the 
cyclic  behavior  of  reinforced  concrete  past  the  linear  range.  How- 
ever, the  major  problem  is  still  the  quantity  of  computer  time 
required  to  solve  a  reasonably  sized  model  of  the  structure.   A 
moderate  sized  (two-span)  bridge  subjected  to  say  a  40  sec  motion 
history  would  require  about  1  hr  of  UNIVAC  1108  computer  time  to 
execute  should  the  response  go  into  the  nonlinear  range.   Such 
analysis  methods,  although  very  effective,  are  as  yet  not  in  the 
realm  of  practical  usage  except  as  research  tools.   This  aspect  of 
analysis  was  thoroughly  investigated  during  the  course  of  this 
project. 

The  structural  analysis  method  used  herein  can  be  described 
as  a  simplified,  practical  engineering  approach  which  considers 
only  the  dominant  modes  of  response.   It  is  an  iterative  procedure 
in  the  sense  that  several  models  of  varying  complexity  may  be  re- 
quired to  zero-in  on  the  answer.   This  method  has  the  advantage 
of  providing  reliable  answers  in  a  relatively  short  period  of  time 
without  reliance  on  any  specific  computer  program.   It  places  a 
great  deal  of  reliance  on  the  basic  engineering  intuition  and 
practical  experience  of  the  user.   This  method  was  applied  to  sev- 
eral bridges  for  which  results  were  available  and  at  least  as  far 
as  these  structures  are  concerned,  it  was  found  to  be  sufficiently 
accurate.   This  method,  together  with  other  approaches  considered 
is  described  in  Section  5  of  this  report. 

Using  this  information  on  bridges ,  predicted  seismic  loadings 
together  with  the  chosen  structural  analysis  method,  the  study 
identified  the  following  five  bridge  retrofit  concept  categories 


and  several  concepts  were  developed  for  each. 

®  Superstructure  horizontal  motion  restrainers  for 
hinges,  expansion  joints,  bearings,  etc. 

o  Bearing  support  restrainers  -  vertical 

©  Bearing  area  widening  techniques 

©  Column  (pier)  strengthening 

@  Footing  strengthening 

The  concepts  developed  are  described  in  Section  6  in  terms  of  pur- 
pose, implementation,  materials,  equipment  requirements  and  limit 
of  applicability.   An  attempt  was  made  to  find  some  means  of  cost- 
ing each,  of  these  concepts.   However  since  the  task  of  retrofitting 
bridges  is  a  relatively  new  idea,  no  basic  experience  on  doing  this 
exists  at  this  time  with  the  exception  of  the  State  of  California. 
The  task  of  providing  implementation  costs  on  such  items  is  com- 
plicated by  this  lack  of  previous  experience  and  the  fact  that 
many  of  these  concepts  are  applicable  to  a  variety  of  bridges  thus 
requiring  variations  on  the  basic  designs  and  therefore  differing 
quantities  of  material,  equipment  and  labor.   The  attempt  here  was 
to  provide  the  potential  user  of  these  concepts  with  as  much  in- 
formation as  possible  and  practical  so  that  quantities  of  material 
can  be  estimated  and  required  equipment  selected.   Section  6  includes 
a  basis  guide  for  this  purpose. 

In  addition  to  the  basic  concepts,  a  task  was  devoted  for  the 
selection  of  retrofit  materials.   Potential  uses  of  fiber  rein- 
forced concrete  and  shotcrete  as  retrofit  materials  are  described 
in  Appendix  B  and  E  respectively.   Bridge  deck  instabilities  that 
can  occur  as  the  result  of  certain  categories  of  bridge  rollers ,  cur- 
rently in  popular  usage,  are  discussed  in  Appendix  D. 

This  study  has  been  very  useful  in  developing  a  set  of  retro- 
fit measures  and  of  gaining  a  familiarization  with  the  seismic 
response  of  bridges.   However,  the  problem  of  deciding  when  a 
bridge  needs  to  be  retrofitted  is  more  than  one  of  structural  re- 
sponse.  The  decision  should  also  include  such  aspects  as 

®  The  importance  of  the  bridge  to  the  given  locality 
based  on  type  of  highway,  traffic  volume,  type  of 
traffic,  etc. 


©  Accessibility  of  community  by  other  modes  of  trans- 
portation or  other  crossings 

©  Replacement  or  repair  costs  of  the  bridge 

o  Loss  of  services,  etc. 

A  limited  effort  was  devoted  to  the  task  of  the  selection  of  war 
rants  for  bridge  retrofitting.   A  decision  process  is  outlined 
in  Section  2. 


2.   BRIDGE  FAILURES  AND  THE  BRIDGE  RETROFIT  DECISION  PROCESS 

This  section  consists  of  two  parts.   The  first  part  is  in- 
tended to  impress  the  potential  user  with  the  seriousness  of  prob- 
able bridge  failures.   To  this  end,  some  typical  bridge  failure 
modes  are  described  and  illustrated  with  photographs  from  the  two 
most  recent  and  most  dramatic  disasters.   In  the  second  part  of 
this  section  a  decision  process  which  can  be  used  by  the  practic- 
ing bridge  engineers  to  categorize  their  bridges  with  respect  to 
the  need  for  retrofitting  is  discussed  and  outlined.   It  is  em- 
phasized that  this  is  a  preliminary  process  and  has  not  yet  been 
applied  to  the  analysis  of  transportation  networks. 

2.1  Bridge  Failures 

Observed  failure  modes  for  conventional,  modern  bridge  struc- 
tures subjected  to  seismic  loading  can  be  grouped  into  two  cate- 
gories, i.e.,  substructure  (pier  or  abutment)  failures  and  hence 
loss  of  superstructure  support  capacity,  and  superstructure  col- 
lapse due  to  excessive  relative  motion  at  the  support  bearings. 
Both  of  these  types  of  failure  occurred  during  the  San  Fernando 
earthquake. 

Structural  failures  and  damage  to  bridges  are  also  caused  by 
inadequate  foundation  strength  or  load-bearing  degradation  during 
the  course  of  seismic  loading.   Soil  liquefaction  is  an  example  of 
this  failure  mode. 

Severe  motion  of  the  soil  supporting  the  foundation  can  cause 
large  horizontal  and  vertical  deformations  of  the  support  point. 
These  transient  motions  create  relative  movement  between  the  sup- 
port points  which  can  lead  to  failures  described  above.   The  types 
of  damage  that  most  often  occur  to  bridge  components  during  strong 
motion  earthquakes  are: 

®  displacement  and  tilting  of  piers 

•  displacement,  cracking  and  dislodging  of  super- 
structure girders 

•  displacement,  settlement  and  tilting  of  abutments 


©   concrete   crushing  at    the    supports 

©  bearing  anchor  bolt  pullout  or   shearing   deformations 

©   settlement,    sliding   and   tilting   of  wingwalls 

©  bearing   instability   and   failure 

•   expansion   joint   damage 

©   settlement   of   approach  roads    (slabs) 

Some  apparently   representative  bridge   failures    that   occurred   during 
the  March   27,    1964  Alaska  and  the  February   9,    1971   San  Fernando 
earthquakes   are  shown   in   the   following  set   of   illustrations.      The 
aim  here   is    to  acquaint    the  potential  user   of   the  retrofit  measures 
developed  herein  with  some   of   the  more   common  failures    that  have 
previously  been  experienced. 

Figure   2.1   amply   illustrates    the   effect   of  strong,    horizontal 
superstructure  movement   on   girder  bearings.      Figure   2.2    illustrates 
how  a   sufficiently    large  movement   of  bridge  piers   was    instrumental 
in   the  collapse    (dropping   off)    of  bridge   decks.      The  movement  of 
piers    is    also    evident  in  Figure    2.3.      The  most  spectacular   failure 
of   the   San  Fernando   earthquake  was    the   curved   seven- span   structure 
of   the  Route    210/5    Interchange    (Figure   2.4)   which   apparently    laid 
over  on  its    side.      The  following   comments   on   the   San  Fernando   Earth- 
quake bridge   failures   have  been  extracted  from  Ref .    1. 

"A  two-span  continuous    posttensioned  box  girder   span  of 
Route   5/405    truck   lane   separation,    Figure    2.5,   had  its 
superstructure    integral  with  the   abutments    and  a   center 
support  of   a  two  column  bent.      There  were   no  hinges.      The 
combined  horizontal   and  vertical   forces    literally    tore   the 
two   center   columns    out   from  under    the  superstructure.      The 
horizontal  working  of   the   two   center   columns    along  with 
the  vertical   force  pulverized   the    two   columns    and  caused 
their   disintegration   causing    the   center  bent    to    collapse. 
The  number    18  bar   column  reinforcement   can  be  seen  bending 
out   from  under    the  center   of   the  structure.      It    is    specu- 
lated  that  had   there  been   sufficient  spiral    ties    to  main- 
tain  column   integrity,    perhaps    the  structure,    although   dam- 
aged would  have  been   prevented   from  collapsing."  (Ref  s .   1,2) 

"Another   spectacular  collapse  was  where    two  spans    of   one.  of 
the   connector  ramps,    of    the  Route   5/14   Interchange,    pulled 
off    their   supports    and   fell   approximately   140   ft.       This    col- 
lapse   is    indicated   in  Figure   2 . 6  by    the  gap    in    the  highest 
curved  ramp,    up  near    the  skyline.      The   collapsed  section 
was   a    two-span  continuous    posttensioned  box  girder,    191   ft 


each  span,  monolithic  with  a  center  column.   The  ends  of 
this  two -span  unit  rested  on  expansion  hinges  near  the  ad- 
jacent columns.  The  right  side  of  Figure  2.6  and  Figure  2.7 
show  the  east  hinge.   Figure  2.8  shows  the  west  hinge. 
As  the  two  spans  fell  they  passed  through  the  falsework  of 
a  lower  ramp  which  was  all  set  and  ready  to  be  poured  the 
following  day  and  brought  the  falsework  down  onto  the  rail- 
road below.   The, free  standing  columns  shown  in  the  illus- 
trations had  not  yet  had  any  superstructure  placed  upon 
them.   The  failure  occurred  when  the  suspended  spans  pulled 
off  the  hinges .   It  is  now  generally  thought  that  the  west 
end  of  the  unit  pulled  off  its  support  and  the  weight  and 
impact  of  the  superstructure  caused  the  center  column  to 
spear  through  the  superstructure.   The  unit  then  continued 
to  slide  down  the  column  which  by  then  had  broken  off  at 
the  base  and  was  falling  to  the  west.   Failure  is  primarily 
attributed  to  separation  at  the  hinge  supports  and  it  can 
be  speculated  that  with  more  adequate  hinge  restrainers, 
perhaps  failure  would  have  been  avoided.   Present  details 
provide  more  positive  restraint,  both  for  shear  across  the 
joint  and  longitudinally  to  prevent  the  support  sliding 
off  the  seat."  (Refs.  2,3) 

2.2  Outline  of  Decision  Process 
for  the  Retrofitting  of  Bridges 

With  virtually  no  exceptions  existing  highway  bridges  in  this 
country  have  not  been  designed  to  resist  motions  and  forces  which 
may  be  generated1  by  the  occurrence  of  earthquakes  in  the  surround- 
ing areas.   As  a  result  many  bridges  may  be  expected  to  fail  in 
some  major  way  during  their  remaining  life  if  subjected  to  strong 
motion  seismic  loads.   This  study  has  demonstrated  this  expecta- 
tion and  has  provided  relatively  simple  analysis  procedures  for 
estimating  the  bridge  response  and  its  potential  failure  modes. 

Such  potential  bridge  failures  are  clearly  undesirable  and 
raise  the  question  as  to  when,  and  to  what  degree  a  given  bridge 
should  be  retrofitted  to  improve  its  survivability  with  respect  to 
earthquake  excitations .   A  preliminary  attempt  at  formulating  a 
decision  process  and  some  factors  which  should  ultimately  be  in- 
cluded in  such  a  process  are  presented. 

The  first  and  one  of  the  major  steps  which  must  be  taken  is 
to  establish  the  "importance"  of  the  bridge.   This  importance 
factor  can  be  expressed  quantitatively  as  a  required  probability 
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of  survival,  p.   At  the  present  time,  three  considerations  have 
been  identified  for  evaluation.   These  are: 

(1)  Importance  as  a  vital  transportation  link 

(2)  Collapse  of  the  bridge  represents  an 
unacceptable  hazard 

(3)  Retrofitting  the  bridge  is  cost  effective 

The  importance  of  a  specific  bridge  as  a  vital  transportation  link 
implies  that  an  emergency  exists ,  and  clearly  the  emergency  is 
that  associated  with  a  major  earthquake  event  in  the  surrounding 
region.   A  "disaster  plan"  analysis,  if  one  exists  for  the  region 
can  then  be  used  to  generate  the  probability  of  survival.   The  spe- 
cific bridge  would  be  considered  as  one  component  in  a  required 
vital  transportation  network.   This  vital  network  may  have  a  multi- 
path  capability  and  can  thus  tolerate  some  degradation.   If  the 
use  of  the  bridge  is  critical,  i.e.,  it  must  survive,  then  the 
probability  of  survival  can  be  set  equal  to  unity.   In  the  absence 
of  a  disaster  plan,  more  subjective  means  must  be  used  to  estimate 
the  required  probability  of  survival. 

The  unexpected  collapse  of  a  bridge  will  always  represent  a 
hazard  to  people  and  equipment  in  the  immediate  vicinity.   How- 
ever, in  a  moderately  severe  earthquake  environment  where  such  a 
collapse  might  occur,  the  level  of  hazard  must  be  interpreted  in 
a  relative  manner.   The  term  unacceptable  hazard  is  used  to  imply 
some,  yet  to  be  determined,  unacceptable  level  of  injury  or  loss 
of  life.   A  failure  mode  and  effect  analysis  (FMEA) ,  together 
with  traffic  and  related  information  will  provide  the  means  of 
estimating  the  hazard  level.   The  hazard  evaluation  will  then  form 
the  basis  for  estimating  the  required  probability  of  survival.  The 
quantitative  evaluation  of  the  required  probability  of  survival  may 
presently  be  difficult  to  establish  accurately.   For  this  reason 
some  sensitivity  evaluation  should  be  made,  at  least  initially. 

The  cost  effectiveness  of  retrofitting  a  given  bridge  can  be 
evaluated  by  using  the  probability  of  survival  as  a  parameter  in 
an  appropriate  tradeoff  study. 


The  second  major  step  is  that  of  evaluating  the  response  of 
the  bridge  to  some  anticipated  earthquake  environment.   In  order 
to  accomplish  this  task  one  must  obtain  an  adequate  description 
of  the  current  condition  of  the  bridge  and  a  reasonable  estimate  of 
the  maximum  probable  earthquake  environment  at  the  bridge  site. 
Both  of  these  subtasks  may  require  considerable  effort  and  the  use 
of  a  conservative  screening  process  may  greatly  reduce  the  overall 
effort  which  may  otherwise  be  required.   It  should  be  noted  that 
both  of  these  aspects  of  the  problem  are  statistical  in  nature 
and  therefore  a  statistical  approach  may  yield  a  higher  overall 
reliability  of  achieving  the  goals  of  a  retrofitting  program. 

The  earthquake  environment  ultimately  expressed  in  terms  of 
the  motion  (peak  velocity  or  acceleration  of  the  bedrock)  can  be 
generated  from  historical  observations.   This  would  be  expressed 
initially  in  terms  of  the  seismicity  (and  its  standard  deviation) 
and  an  effective  hypocentral  distance.   The  use  of  a  long  return 
period  would  introduce  much  of  the  required  conservatism  into  the 
initial  estimate  of  the  earthquake  environment  to  be  used  in  the 
screening  process.   Another  major  factor  which  must  be  introduced 
at  this  stage  is  the  adverse  influence  of  nearby  fault  systems. 
These  fault  systems  will  greatly  increase  the  bedrock  motions  in 
the  immediate  vicinity  of  the  fault  and  although  this  effort  will 
already  be  reflected  in  some  degree  in  the  value  of  the  effected 
hypocentral  distance,  the  problem  is  basically  one  of  spacial  reso- 
lution.  Since  the  distribution  of  the  so-called  important  bridges 
can  be  expected  to  be  somewhat  random,  it  would  appear  that  a 
rather  complete  seismic  survey  will  have  to  be  generated  for  the 
entire  region  of  interest  (i.e.,  state).   The  detailed  environment 
statement  can  then  be  modified  temporarily  to  create  a  conserva- 
tive (maximum  severity)  estimate  to  be  used  in  the  screening  process 

The  parameter  values  used  to  characterize  the  bridge  struc- 
ture and  the  corresponding  soil  condition  for  the  screening  proc- 
ess will  be  difficult  to  estimate  and  a  study  effort  will  be  re- 
quired to  establish  a  reasonably  conservative  approach  to  this 
problem.   Nonetheless,  when  the  screening  process  is  complete, 
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it  will  be  possible  to  place  each  bridge  into  two  or  perhaps  three 
categories,  namely,  certain  survivability,  uncertain  survivability 
and  perhaps  certain  failure.   Those  bridges  which  have  been  classi- 
fied as  surviving  and  for  which  the  importance  factor  is  not  large 
(i.e.,  critical)  can  be  dropped  from  the  retrofitting  list.   De- 
pending upon  the  level  of  importance  of  a  bridge  and  the  degree  of 
conservatism  used  in  the  screening  process,  some  of  the  bridges  in 
the  surviving  category  may  be  retained  for  further  consideration. 
At  this  stage  it  may  be  possible,  by  comparing  the  first  estimate 
of  the  survivability  of  a  given  bridge  with  its  importance  factor, 
to  establish  a  priority  listing  of  the  bridges  for  further  analy- 
sis and  evaluation. 

Clearly,  the  next  step  in  the  process  is  to  finalize  the  dam- 
age/survivability  evaluation  for  each  bridge  using  the  best  struc- 
tural/soil parameter  values  obtainable  and  the  most  probable 
earthquake  environment.   Again  a  statistical  approach  may  be  best; 
at  least  such  a  treatment  should  be  considered. 

The  establishment  of  the  most  probable  earthquake  threat  rep- 
resents, to  a  certain  extent,  a  philosophical  question.   One  ap- 
proach would  be  to  determine  or  specify  the  applicable  return 
period  (1/N).   Earthquakes  occur  in  a  random  fashion  such  that  the 
occurrence  of  an  earthquake  of  magnitude  M  or  greater  can  be  de- 
scribed by  a  Poisson  process  where  the  probability  of  nonoccurrence, 
p,  is  given  by  the  expression 

-NL 
p  =  e 

where  L  denotes  the  time  interval  of  interest. 

Each  bridge  of  interest  has  an  expected  life  span,  L,  which 
can  be  estimated  in  at  least  an  approximate  but  conservative  manner. 
The  time  interval  of  interest  need  not  be  greater  than  the  conser- 
vatively estimated  life  span  (i.e.,  L  =  L) .   Furthermore,  if  the 
overall  bridge  response  analysis  is  accurate,  the  required  proba- 
bility of  survival,  p,  can  be  set  equal  to  the  probabiliy  of  non- 
occurrence, p.   Thus  the  return  period  can  be  expressed  as 

1/N  =  -L/£n(p) 
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This  approach,  together  with  the  use  of  the  concept  of  a  required 
probability  of  survival  to  quantitatively  measure  the  importance 
of  a  bridge  has  the  advantage  of  minimizing  the  magnitude  of  the 
most  probable  earthquake  which  needs  to  be  considered. 

In  dealing  with  a  probabilistic  approach,  care  must  be  applied 
to  establish  the  independence  of  the  various  importance  factors. 
Furthermore,  those  bridges  which  are  deemed  critical  (i.e.  ,  p=l,0) 
will  require  special  treatment  because  the  magnitude  of  the  most 
probable  earthquake  becomes  unrealistically  large. 
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FIGURE  2.1  ANCHORAGE- SEWARD  HIGHWAY,  INGRAM  CREEK  BRIDGE  620 
1964  ALASKA  EARTHQUAKE 


FIGURE  2.2   BRIDGE  331:  FLAG  POINT 
1964  ALASKA  EARTHQUAKE 
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FIGURE  2.3   BRIDGE  639:  GLACIER  CREEK 
1964  ALASKA  EARTHQUAKE 
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FIGURE  2.4  ROUTE  210/5  INTERCHANGE 

1971  SAN  FERNANDO  EARTHQUAKE 
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FIGURE  2.5   ROUTE  5/405  TRUCK  LANE  SEPARATION 
1971  SAN  FERNANDO  EARTHQUAKE 


FIGURE  2.6 


ROUTE  5/14  INTERCHANGE 

1971  SAN  FERNANDO  EARTHQUAKE 
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FIGURE   2.7      ROUTE   5./ 14   INTERCHANGE,    EAST  HINGE 
1971   SAN  FERNANDO   EARTHQUAKE 
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FIGURE  2.8   ROUTE  5/14  INTERCHANGE,  WEST  HINGE 
1971  SAN  FERNANDO  EARTHQUAKE 
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3.   EARTHQUAKES  AND  EARTHQUAKE  LOADINGS 

3.1  General  Characteristics 

The  word  earthquake  is  generally  used  to  denote  a  dynamic 
motion  of  the  ground.   Although  many  phenomena  give  rise  to  earth- 
quakes, the  most  important  earthquakes  from  an  engineering  point 
of  view  are  those  associated  with  large-scale  strains  in  the  crust 
of  the  earth.   These  are  referred  to  as  tectonic  earthquakes.   Po- 
tential sources  of  tectonic  earthquakes  in  the  United  States  are 
fairly  well  known  "faults"  or  planes  of  weakness  in  the  earth's 
crust.   The  elastic  rebound  theory  of  Reid  (Ref .  4)  is  the  gen- 
erally accepted  explanation  of  tectonic  earthquakes. 

According  to  this  theory,  the  earth's  crust  is  being  continu- 
ally subjected  to  distortions.   The  cause  of  these  distortions 
has  not  been  defined.   It  is  believed,  however,  that  these  forces 
cause  continually  increasing  deformations  in  the  earth's  crust, 
always  of  the  same  character,  with  a  consequent  accumulation  of 
strain  energy  and  stress.   Eventually  the  magnitudes  of  these 
stresses  exceed  the  strength  of  the  crustal  rock  structure  and 
fracture  (slippage  along  a  fault  plane)  occurs.   With  the  fracture, 
the  rock  adjacent  to  the  fault  zone  snaps  back  to  an  unrestrained 
configuration,  initiating  vibrations  which  propagate  through  the 
media  which  constitute  the  earth's  structure. 

Tectonic  earthquakes  are  of  particular  importance  in  civil- 
structural  engineering  due  to  their  frequency  of  occurrence,  ex- 
tent of  energy  release  and  extent  of  land  area  affected. 

The  simplest  and  the  generally  accepted  measure  of  an  earth- 
quake's severity  is  defined  by  two  parameters,  i.e.,  magnitude 
and  intensity.   The  magnitude  of  an  earthquake  is  an  index  related 
to  the  amount  of  energy  released.   It  was  originally  defined  by 
Richter  (1935)  as  the  logorithm  (base  10)  of  the  amplitude  in 
microns  of  the  trace  written  by  a  seismometer  of  a  standard  type 
at  a  distance  of  100  kilometers  from  the  epicenter.   Observations 
at  distances  other  than  100  kilometers  can  be  corrected  to  convert 
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them  to  the  standard  distance.   Advances  in  seismology  since  the 
introduction  of  the  Richter  magnitude  have  let  the  scale  be  ex- 
tended to  make  it  applicable  to  earthquakes  occurring  anywhere 
and  recorded  on  instruments  other  than  the  type  for  which  it  was 
defined.   The  relation  between  energy  and  magnitude,  as  given  by 
Richter  (Ref .  5)  is 

log10E  =  11.8  +  1.5M  (3.1) 

where  E  is  the  energy  in  ergs  and  M  is  the  Richter  magnitude.   It 
is  estimated  that  every  upward  step  of  one  magnitude  unit  corre- 
sponds to  an  increase  in  the  energy  by  about  30  times . 

Intensity  is  a  rating  of  the  severity  of  damage -producing 
properties  of  the  ground  motion  at  a  specific  location.   The 
scale  of  measurement  is  based  upon  the  sensations  of  persons  and 
upon  the  degree  of  physical  damage  to  natural  and  man-made  objects 
Intensity  scales  were  produced  long  before  magnitude  scales  be- 
cause intensity  (as  treated  by  such  scales)  does  not  require  in- 
strumental observations.   Almost  all  intensity  scales  are  subjec- 
tive and  similar  in  structure  to  the  modified  Mercalli  scale 
(Ref.  6).    This  scale  is  widely  used  in  North  America. 

The  primary  seismic  waves  produced  by  an  earthquake  radiate 
in  all  directions  from  the  hypocenter  as  compression  or  P-waves, 
and  shear  or  S -waves.   These  primary  waves  generate  many  secondary 
P-waves  and  S-waves  as  a  result  of  reflection  off  variations  in 
the  geologic  makeup  in  the  earth's  crust.   The  final  waveforms 
that  arrive  at  a  particular  point  of  interest  usually  appear 
rather  erratic  and  are  often  characterized  by  a  nonstationary 
process.   The  important  parameters  used  to  simulate  the  motion 
are:   duration  time,  peak  acceleration,  and  time  variation  of 
intensity  and  frequency  content.   Two  groups  of  seismic  waves 
generally  considered  are: 

•  body  waves,  producing  deformation  in  the  direc- 
tion of  propagation;  P-waves  and  orthogonal  S-waves 

•  surface  waves ,  producing  motion  along  the  plane 
boundary  between  two  materials,  e.g.,  air-earth, 
water-earth. 

20 


At  least  as  far  as  the  west  coast  of  North  America  is  concerned, 
body  waves  generally  produce  the  bulk  of  structural  damage.   How- 
ever, ground  motion  studies  (Ref s .  7  and  8)  in  the  central 
United  States  indicate  that  surface  waves  can  be  potentially  more 
damaging  than  body  waves,  except  in  the  epicentral  area. 

Earthquakes  can  generally  be  classified  by  four  types: 

(1)  Short-duration  shocks 

(2)  Irregular  motion  history  of  moderately  long 
duration 

(3)  Long  duration  motion  with  a  pronounced  fre- 
quency content 

(4)  Strong  shocks  producing  large,  permanent 
deformations  of  the  ground. 

Type  2  earthquakes  produce  the  majority  of  damage  in  the 
United  States.   Consequently,  earthquake  records  of  this  type 
have  been  studied  more  than  others.   If  a  type  2  motion  is  filtered 
by  propagating  through  a  stratified  soil,  the  result  is  a  type  3 
motion.   Type  2  waveforms  have  been  employed  in  stochastic  math- 
ematical models  and  simulation  schemes. 

Type  4  earthquakes  are  generally  considered  to  be  too  severe 
to  consider  as  a  basis  for  design  and  type  1  produces  little  or 
no  damage.   Thus,  most  efforts  to  characterize,  describe  and  de- 
fine earthquake  waveforms  are  centered  around  type  2  motion  earth- 
quakes which  produce  most  of  the  structural  damage  in  the  United 
States. 

Earthquake  severity  as  described  previously,  although  ade- 
quate for  comparing  earthquakes,  does  not  provide  sufficient  data 
for  defining  a  loading  that  can  be  used  for  the  design-analysis 
of  structures.   Depending  on  the  type  and  importance  of  the  struc- 
ture being  designed,  its  (design)  loading  can  take  the  form  of  a 
constant,  horizontal  ground  acceleration  on  the  one  extreme,  or  a 
detailed  ground  motion  history  (horizontal  and  vertical)  at  the  other. 
Due  to  limited  data  on  strong  motion  earthquakes,  the  designer 
most  often  settles  for  an  expected  earthquake  load  definition 
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which,  in  terms  of  detail,  lies  somewhere  between  these  two  extremes. 
Some  general  representative  methods  for  defining  earthquake  loads 
on  structures  are  briefly  described. 

3 . 2   Simulation  of  Earthquake  Loading 

There  are  two  possible  solutions  to  the  problem  of  defining 
the  loading  input  that  a  given  structure  is  likely  to  experience. 
The  first  is  the  deterministic  method  which  makes  use  of  a  so- 
called  "standard  earthquake".   This  may  be  in  the  form  of  a  con- 
stant acceleration  of  specific  magnitude,  a  response  spectrum  or 
a  motion  history.   Specifying  a  standard  earthquake  is  similar 
to  the  approach  commonly  used  with  other  types  of  loads,  e.g., 
the  standard  truck  or  lane  load  used  in  bridge  design.   A  "stan- 
dard" loading  is  generally  part  of  a  design  code  or  other  regula- 
tory specification. 

The  second  and  more  reasonable  approach  is  to  treat  the  ground 
motion  as  a  random  variable.   With  this  approach,  the  motion  can 
be  viewed  as  the  superposition  of  many  sine  waves  of  various  fre- 
quencies and  such  that  their  ampli tudes  have  different  probability 
distributions."  The  motion  can  also  be  represented  by  a  series  of 
random  impulses.   If  the  intensity  of  the  random  input  is  so 
selected  as  to  be  equivalent  to  that  produced  by  an  actual  earth- 
quake, the  corresponding  structural  response  should  be  similar. 

Using  the  probability  distribution  of  the  random  input  motion 
in  a  structural  analysis  can  produce  a  probabalistic  result,  i.e., 
the  probability  that  a  given  stress  or  relative  motion  at  the 
structure  would  not  exceed  certain  values. 

The  most  practical  approach  to  the  problem  of  specifying  the 
seismic  loading  involves  the  use  of  a  response  spectrum  (Ref.  9). 
Although  this  approach  is  certainly  approximate,  in  view  of  the 
limited  data  available  on  earthquake  motions,  it  appears  justified 
at  this  time. 
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A  response  spectrum  can  be  defined  as  a  plot  indicating  the 
maximum  response  (maximum  velocity,  acceleration,  and/or  displace- 
ment) of  a  single  degree  of  freedom  system  (linear  or  nonlinear 
with  damping)  to  the  given  ground  motion  versus  the  undamped 
natural  period  or  frequency  for  various  fractions  of  critical 
damping . 

A  response  spectrum  can  be  deterministic  if  based  on  a  single 
existing  waveform  such  as  the  1940  El  Centro ,  Calif,  earthquake 
(Ref .  9)  or  it  can  be  probabilistic  if  based  on  a  series  of 
earthquake  records  as  was  done  in  Ref.  10. 

When  the  task  is  to  simulate  an  earthquake  loading  for  a 
given  site,  the  general  procedure  that  has  been  employed  in  this 
research  project  involves  the  following  steps: 

(1)  First,  the  seismicity  of  the  given  site  is  sta- 
tistically evaluated  based  on  historical  earth- 
quake data.   Earthquake  activity  in  the  United 
States  has  been  systematically  recorded  since 
1963  and  is  made  available  by  the  National 
Oceanic  and  Atmospheric  Administration  (NCAA) . 
Historical  earthquake  data  prior  to  1963  is 
available  from  general  published  literature.   A 
number  of  organizations  have  collected  and  cate- 
gorized this,  prior  to  1963,  data.   The  seismi- 
city of  the  site  and  the  estimated  earthquake 
return  period  are  sufficient  to  characterize  the 
site  so  as  to  enable  one  to  predict  an  earthquake 
magnitude  and  hypocentral  distance. 

(2)  Based  on  the  seismicity  of  the  given  site,  prob- 
able values  of  maximum  horizontal  particle  veloc- 
ity ,   acceleration  and  displacement  at  bedrock 
can  then  be  estimated.   The  technique  that  may 
be  used  involves  plotting  known  faults  and  as- 
signing maximum  credible  earthquake  magnitudes 

to  them  based  on  probable  maximum  length  of  rup- 
ture and/or  previous  seismic  activity.   These 
are  then  related  to  acceleration  levels  which 
are  subsequently  attentuated  with  distance  from 
the  fault. 

(3)  Maximum  bedrock  response  values  are  translated 
(in  general  amplified)  to  those  at  the  ground 
surface  as  a  function  of  the  soil  conditions  ex- 
isting beneath  the  site.   The  procedure  described 
in  Ref.  11  can  be  used  for  this  purpose. 
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(4)  Structural  dynamic  amplification  factors  are 
then  used  to  change  the  site  particle  response 
spectrum  into  an  undamped,  horizontal  response 
spectrum. 

(5)  A  general  relationship  between  the  undamped 
horizontal  and  vertical  velocity  response  spec- 
trum can  then  be  used  to  produce  an  undamped 
vertical  velocity  spectrum  from  the  horizontal 
velocity  response  spectrum. 

(6)  Simulated  ground  surface  accelerations ,  veloc- 
ity and  displacement  time  histories  may  then 
be  produced  (Ref .  12  )  matching  these  spectra. 
This  final  representation  of  the  simulated 
seismic  environment  may  then  be  used  as  the 
loading  (ground  motion)  for  the  design-analysis 
of  structures. 

The  above  techniques  were  employed  by  J .  H.  Wiggins,  Co.  to  pro- 
duce the  seismic  loadings  for  the  seven  bridge  sites  that  have 
been  analyzed  in  this  report.   The  results  of  this  effort  are 
given  in  Appendix  A. 
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4.   CURRENT  SEISMIC  DESIGN  CRITERIA  FOR  BRIDGES 

4. 1  AASHO  Design  Specifications 

The  first  requirement  for  the  inclusion  of  seismic  loading  in 
the  design  of  highway  bridges  was  in  the  1961  AASHO  specifications. 
These  initial  design  requirements  are  unchanged  in  the  most  recent 
19  73  interim  specifications.  The  seismic  design  forces  consist  of 
lateral  forces,  applied  to  the  superstructure,  that  are  proportion- 
al to  the  dead  loads .   These  forces  vary  between  2  and  6  percent 
of  the  dead  load  weight,  depending  on  the  type  of  foundation  and 
the  soil  conditions. 

The  AASHO  seismic  design  forces  are  independent  of  the  dynamic 
responses  characteristics  of  bridge  structures.  The  specific  AASHO 
design  requirement  is  as  follows : 

In  regions  where  earthquakes  may  be  anticipated,  pro- 
vision shall  be  made  to  accommodate  lateral  forces 
from  earthquakes 

EQ  =  CD  (4.  1) 

where 

EQ  =  lateral  force  applied  horizontally  in  any  direc- 
tion at  center  of  gravity  of  the  weight  of  the 
structure 

D  =  dead  load  of  structure 

C  =0.02  for  structures  founded  on  spread  footings 
on  material  rated  at  4  tons  or  more  per  sq  ft 

=  0.04  for  structures  founded  on  spread  footings 
on  material  rated  at  less  than  4  tons  per  sq  ft 

=0.06  for  structures  founded  on  piles. 

Live  loads  may  be  neglected. 

It  is  observed  that  no  amplification  of  the  lateral  forces  is 
specified  for  more  severe  seismic  regions.   Even  though  the  AASHO 
bridge  specifications  are  to  be  viewed  as  minimum  requirements ,  it 
seems  appropriate  that  the  stated  effects  should  be  incorporated. 
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4.2   State  of  California  Design  Specifications  (Ref.  13) 

The  state  of  California  has  recently  implemented  a  new  bridge 
design  criteria  which  considers  the  influence  of  site  peculiarities 
such  as  fault  proximity  and  soil  characteristics  in  a  rational  man- 
ner.  The  dynamic  behavior  of  the  structure  is  also  considered 
since  response  spectra  curves  are  implemented  in  the  criteria. 
These  changes  were  motivated  by  the  disastrous  failures  experienced 
by  several  new  bridges  located  near  the  epicenter  of  the  February 
1971  San  Fernando  earthquake.   The  essential  seismic  design  require- 
ments for  all  new  California  bridges  are  as  follows : 

•  Code  Format 

EQ  =  C-F-D  (4.2) 

EQ  =  the  equivalent  static  horizontal  force  applied 
at  the  center  of  gravity  of  the  bridge 

F  =  framing  factor 

=  1.0  for  bridges  where  single  columns  or  piers 
resist  the  horizontal  forces 

=0.8  for  bridges  where  continuous  frames  resist 
horizontal  forces  applied  along  the  frame 

D  =  the  total  dead  load  weight  of  the  bridge 

C  =  — yj —  (used  for  equivalent  static  force  method) 

=  combined  response  coefficient.   The  value  of 
this  parameter  for  application  to  dynamic  re- 
sponse analysis  (modal  analysis)  is  obtained  from 
a  series  of  response  spectra  curves  which  are 
a  function  of  (1)  depth  of  alluvium  material  over 
bedrock,  (2)  bedrock  maximum  acceleration.  These 
values  range  from  a  minimum  of  0.06  for  low  bed- 
rock accelerations  (approximately  < 0. 1  sec)  to  a 
maximum  value  of  0.25  for  structures  with  a  period 
of  vibration  of  0 . 3  sec  founded  on  alluvium  from 
10  to  80  ft  deep .   Minimum  values  are 

=0.1  for  A  >  0.3  g,  and 
=0.06  otherwise 

A  =  maximum  expected  acceleration  of  bedrock  at  the 
site  in  terms  of  gravity  (g)   This  parameter  is 
obtained  from  contour  plots  of  the  acceleration 
magnitude  on  a  map  of  California.  Values  range 
from  0. 05  to  0. 7  g. 
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R  -  Normalized  rock  response.   This  parameter  is  ob- 
tained from  a  normalized  rock  spectrum  curve  that 
slightly  depends  on  the  peak  rock  acceleration. 
For  structures  of  low  period  (  <  0.4  sec) ,  the 
values  are  independent  of  the  bedrock  acceleration, 
and  the  value  of  R  is  between  1.9  and  1.6.   The 
magnitude  of  R  reduces  exponentially  from  2 . 6  at 
T  =  0.4  sec  to  approximately  0.25  at  T  =  5  sec. 

S  =  soil  amplification  spectral  ratio.   This  param- 
eter accounts  for  the  influence  of  the  soil  between 
the  bedrock  (which  acts  as  a  carrier  of  the  seismic 
distrubance)  and  the  bridge  foundation.   This  factor 
is  strongly  dependent  on  the  peak  rock  acceleration 
for  structures  with  periods  less  than  2  sec.   The 
value  of  S  is  approximately  1.9  for  T>2  sec  and 
varies  from  a  minimum  of  S  =  0.6  for  a  peak  rock 
acceleration  of  0 . 6  g  to  a  maximum  of  S  =  2.75  for 
a  peak  rock  acceleration  of  0.1  g. 

Z   ■  VZD 

=  reduction  for  ductility  and  risk  assessment.  Engi- 
neering judgment  is  used  to  determine  the  magnitude 
of  these  parameters.   A  value  of  Zr  =  2  is  used 
for  short  stiff  bridges  with  T<0.6  sec.   The  value 
Zr  is  decreased  linearly  to  1.0  when  T  =  3  sec.   A 
general  ductility  factor  of  Zq  =  4  is  used  for  all 
bridges.   Thus  the  value  of  Z  varies  from  8  (for 
T  =  0.6  sec)  to  4  (for  T  =  3  sec). 

The  designer  may  use  either  (1)  a  dynamic  response  analysis 
or  (2)  the  equivalent  static  force  method  for  the  determination  of 
earthquake  loads.   For  this  second  method,  the  fundamental  period 
of  vibration  must  be  obtained  in  the  direction  of  consideration. 
The  first  method  is  used  for  complex  structures.   It  involves  ob- 
taining normal  modes  and  frequencies  of  the  structure  and  using 
the  response  spectra  (C)  curves  to  perform  an  elastic  modal  analysis 

4.3  Japanese  Bridge  Design  Specifications  (Ref.  14) 

The  principal  features  of  the  1971  Japanese  Road  Association 
earthquake  design  specifications  are  presented.   These  highlights 
are  summarized  below  from  the  English  version  of  the  document  in 
Ref.  14. 
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(1)  For  a  stiff  structure,  the  horizontal  design  seismic 
coefficient 

kh  =  v-l  v2  v3  kQ  (4.3) 

=  0.10,  minimum 
where 

k  =  standard  horizontal  design  seismic  coefficient 
is  equal  to  0 . 20 

v-.  =  seismic  zone  factor 

v~  =  ground  condition  factor 

Vn  =  importance  factor 

(2)  For  a  relatively  flexible  structure,  pier  heights  greater 
than  25  m,  or  with  fundamental  periods  longer  than  0.5  sec,  the 
horizontal  design  seismic  coefficient  (k,  )  shall  be  determined 

by 

khm=Skh  <4'4> 

=   0.05,    minimum 

where  k,     is    given  by   equation    (4.3)    and  where   3    is    a   factor   de- 
pending upon  the   fundamental  period   of   the  bridge.      For  structures 
with   T  <  0.5  sec,    3  =    1.0. 

(3)  The  vertical   design  seismic   coefficient  may   generally  be 
considered  as   zero,    except   a  vertical  separation   force   at   the 
bearings    of  0.1  times    the   dead   load  reaction   is    employed. 

(4)  Special  attention  must  be   given   to  very  soft   soils   vul- 
nerable to    liquefaction   during  an  earthquake. 

(5)  Certain  provisions    are  made   to  prevent  bridge   girders    from 
falling   from  their  supports. 

(6)  Allowable   stresses  may  be   increased  from  50    to   70   percent 
when   considering  earthquake   loads . 


28 


5.   SEISMIC  ANALYSIS  OF  BRIDGES 

The  seismic  analysis  of  a  bridge  structure  can  be  undertaken 
with  various  degrees  of  refinement.   The  simplest  technique  in- 
volves the  application  of  lateral  "g"  loads  in  a  static  manner  to 
represent  the  maximum  seismic  load  influence.   This  is  the  method 
currently  employed  by  the  AASHO  design  code  and  various  building 
codes  throughout  the  country.   Various  techniques  can  be  used  to 
determine  the  g  loading  magnitude.   The  least  refined  merely  speci- 
fies a  value  which  is  independent  of  the  bridge  type,  soil  and  foun- 
dation characteristics  or  seismic  risk  zone.   Other  methods  include 
these  factors  to  determine  various  levels  of  the  lateral  loads . 

A  new  method  has  been  defined  during  this  research  study  which 
hopefully  includes  the  major  aspects  of  the  structure,  soil  and 
seismic  risk  factors  to  determine  the  equivalent  lateral  loading. 
This  method  is  described  in  Section  5.3  and  compared  with  a  non- 
linear response  analysis  of  a  bridge  that  failed  during  the  San 
Fernando  earthquake.   This  comparison  was  exceedingly  good. 

A  more  sophisticated  procedure  involves  an  elastic  modal  analy- 
sis of  the  structure  which  incorporates  response  spectra  of  the 
seismic  load  produced  for  the  bridge  site.   The  next  degree  of  re- 
finement involves  an  elastic  transient  response  analysis  which  re- 
quires a  computer  code  to  numerically  integrate  the  equations  of 
motion  and  evaluate  the  dynamic  loads.   One  of  the  major  disadvan- 
tages with  elastic  analyses  of  bridges  is  that  the  real  failure 
mechanism  may  be  completely  masked  by  attempting  to  extrapolate  the 
elastic  results  to  ultimate  or  collapse  conditions.   A  general  dis- 
cussion of  elastic  modal  and  transient  methods  of  analysis  is  given 
in  Section  5.1. 

The  most  realistic  analysis  incorporates  the  nonlinear  elastic- 
plastic  behavior  of  the  critical  components  of  a  bridge.   With  this 
technique  a  good  deal  of  the  engineering  judgment  that  must  be  used 
for  the  other  methods  is  eliminated.   That  is,  if  given  a  proper 
nonlinear  analysis  tool  (computer  code)  failures  will  be  automatic- 
ally determined.   For  example,  if  the  ultimate  capacity  of  a  column 
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is  exceeded  during  the  solution,  the  load  carrying  capacity  of  the 
member  is  reduced  and  the  structural  deformations  and  loads  in  the 
remainder  of  the  structure  will  accurately  reflect  this  affect. 

The  observed  failure  modes  for  bridges  subjected  to  severe 
seismic  loading  involve,  predominately, 

•  substructure  (pier)  failures  and  hence  loss  of  super- 
structure support  capacity 

0  superstructure  collapse  due  to  excessive  relative 
motion  at  the  support  bearings. 

Prior  attempts  to  simulate  these  failure  modes  with  elastic  analy- 
sis have  been  largely  unsuccessful.   Elastic  analyses  can  be  used 
to  sense  a  possible  structural  problem,  but  component  failures 
(which  involve  plastic  deformations  for  beam  elements)  cannot  cur- 
rently be  determined  with  high  reliability. 

The  nonlinear  computer  code  which  is  briefly  described  in 
Section  5.2  is  believed  to  be  an  important  contribution  to  the  re- 
alistic failure  analysis  of  bridges  subjected  to  strong  seismic 
ground  motions.   The  two  major  failure  modes  are  treated  by  the  in- 
clusion in  the  code  of  two  nonlinear  finite  elements  which  incor- 
porate: 

(1)  Nonlinear  material  behavior  using  piecewise  linear 
elastic/plastic  resistance  deformation  characteris- 
tics.  (Required  to  simulate  reinforced  concrete 
pier  failure  mechanism.) 

(2)  Nonlinear  behavior  of  supports  such  as  tension  cut- 
off and  Coulomb  friction  characteristics.  (Required 
to  simulate  expansion  joint  behavior  and  potential 
failure  mechanisms  generated  by  excessive  motions 
at  the  supports.) 

The  nonlinear  computer  code  can  also  be  made  to  operate  as  an  elas- 
tic transient  analysis  code  by  the  proper  selection  of  data. 
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5.1  Elastic  Analysis  of  Bridges 

The  elastic  dynamic  response  analysis  of  a  bridge  structure 
requires  first,  the  generation  of  a  mathematical  model  of  the 
structure.   This  is  most  readily  obtained  by  representing  the 
structure  as  a  system  of  node  points  interconnected  with  finite 
elements .   The  simplest  system  for  a  bridge  structure  employs 
elastic  beam  or  line  elements  for  both  the  superstructure  and 
the  substructure  components  of  the  bridge.   When  this  approach 
is  used,  the  bridge  structure  is  idealized  as  a  space  frame.  Fur- 
thermore, if  the  roadway  deck  is  not  curved  horizontally,  a  two- 
dimensional  or  plane  frame  model  can  be  used. 

A  simple  space  frame  model  is  usually  sufficient  to  deter- 
mine the  gross  dynamic  behavior  of  intermediate  size  highway 
bridges.   For  an  elastic  analysis,  the  fixed  bearings  are  modeled 
as  pin  connections  such  that  no  moment  is  transmitted  through  the 
bearing  connection.   Expansion  bearings  are  idealized  by  releas- 
ing all  forces  except  the  vertical  reaction  force  normal  to  the 
bearing  contact  surfaces.   The  connection  of  the  substructure  to 
the  ground  can  be  modeled  by  assuming  either  pinned  or  fixed  con- 
nections or  by  postulating  elastic  soil-structure  interaction 
elements  at  the  connection  points. 

The  equations  of  motion  for  the  n  unknowns  of  the  elastic 
system  for  the  finite  element  model  of  the  structure  can  be  written 
in  matrix  form  as 

Mx  +  Cx+Kx  =  f  (5.  la) 

where 

M  =  mass  matrix 
C  =  damping  matrix 
K  =  stiffness  matrix 
x,x,x  =  displacement,  velocity,  acceleration  vectors 
f  =  force  vector 
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For   the   seismic    load   problem,    the    force  vector    is    obtained   from  the 


known   ground  motions 
we   obtain 


Rewriting   the    equations    in  partitioned   form 
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(5.1b) 


x^    =  unknown    structural   displacements 


x, 


known  motions  of  the  support  degrees  of  freedom 


Restricting  the  problem  to  obtaining  the  solution  to  only  the 
seismic  loads  requires  that  f-,  =0.   The  seismic  reactions,  f  ~  ,  are 
obtained  directly  from  the  second  set  of  matrix  equations  since 
at  each  instant  of  time,  the  support  point  motions  (x^.x^.x^) 
are  known.   From  the  first  set  of  matrix  equations  we  obtain  the 
governing  equations  of  motion  for  the  unknown  displacements,  viz 


M11X1  +  C11X1  +  K11X1  :   M12X2    C12X2    K12X2 


(5.1c) 


The   right  hand   side   of   this    equation   represents    the  vector   of 
seismic    loads ''which    is    known  at    each   instant   of   time.       The  most 
straightforward   solution   to    equation    (5.1c)    involves   a    step-by- 
step  numerical   integration   technique.      An    implicit    integration 
scheme   can  be   used    to   economically    obtain   reasonably   accurate   solu- 
tions   during   the   long   seismic    loading    durations. 

If  a  modal   analysis    solution   technique   is    desired,    the   un- 
known   displacements    can  be  written   as 


o  ,  — 
xl        xl+xl 


(5. Id) 


where  x-,  is  the  quasi- static  solution.   If  we  assume  that,  the  seis- 
mic loads  due  to  damping  are  negligible  and  that  a  finite  differ- 
ence mass  matrix  is  employed  (M  is  diagonal  hence  M1^  =  0)  the 
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seismic    loading  is  simplified  to    _Ki2x2   anc* 


wh  er  e 


x°   =  A  x2  (5.1e) 

A  =    -K-J   K12 


With  these  assumptions  and  using  equations  (5. Id  and  e)  the  equa- 
tions of  motion  can  be  rewritten  as 

Mllxl  +  C1  lxl  +  K11xl  =  ~M1 lAx2  "  ci iAxo  +  (~Ki 1A '"  K1  2^x2   (5. If ) 

Again,  neglecting  the  damping  loads  and  noting  that  -K,  -.A=K,  ~> 
the  equations  of  motion  for  the  unknown  x-,  are 

Mlix\  +  Cllx1  +  K^  =  -MuAx2 

A  modal  analysis  procedure  can  be  employed  at  this  point  incorpor- 
ating the  response  spectra  for  the  seismic  load  to  obtain  modal 
maximums  for  the  components  of  x-,  .   These  maximums,  combined 
with  the  peak  static  displacements  to  the  seismic  load,  Max.  x-,  , 
will  produce  an  upper  bound  solution  for  the  structural  displace- 
ments ,  X-.  ,  to  the  seismic  loading. 


5.2  Nonlinear  Analysis  of  Bridges 

Nonlinear  numerical  methods  of  analysis  have  received  a  good 
deal  of  attention  in  recent  years  but  the  majority  of  the  research- 
ers have  restricted  their  studies  to  the  investigation  of  certain 
types  of  structures  or  nonlinearities .   The  structural  failure  of  a 
bridge  to  earthquake  loading  is  an  important  nonlinear  problem  that 
has  not  been  adequately  studied  for  a  number  of  reasons.   First,  a 
comprehensive  and  accurate  solution  scheme  (computer  code)  that 
properly  treats  the  material  and  geometric  nonlinearities  of  the 
problem  is  not  readily  available  or  it  has  not  been  developed  with 
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the  user  in  mind.   Second,  any  such  computer  code  requires  that  the 
user  possess  a  good  deal  of  background  knowledge  in  the  complex 
subject  matter  of  nonlinearities .   Third,  and  probably  most  impor- 
tant, the  cost  can  be  prohibitively  high  for  obtaining  solutions  to 
even  seemingly  simple  problems  involving  relatively  few  (less  than 
100)  nonlinear  finite  elements  to  model  a  bridge  subjected  to  rela- 
tively long  (20  to  100  sec)  seismic  loading  duration.   These  bar- 
riers are  usually  sufficient  to  discourage  the  desired  investigation 
of  bridge  structures  subjected  to  seismic  loads.   For  this  reason, 
relatively  few  comprehensive  nonlinear  studies  of  bridge  response 
to  seismic  loading  have  been  undertaken  to  date.   Undoubtedly  this 
shortcoming  will  be  eliminated  some  time  in  the  future.   Unfortu- 
nately, a  realistic  appraisal  of  the  failure  phenomenon  for  bridge 
structures  subjected  to  the  complex  loading  associated  with  seismic 
environments  is  not  currently  known. 

At  the  outset  of  the  research  investigation  reported  herein, 
a  review  of  the  existing  general  purpose  computer  codes  that  were 
available  to  the  public  indicated  that  they  could  not  be  readily 
applied  to  the  above  problem  area.   For  this  reason,  a  special  pur- 
pose computer  code  was  developed  during  the  initial  phases  of  this 
research  study  which  was  addressed  to  the  nonlinear  dynamic  response 
of  a  space  frame  subjected  to  arbitrary  transient  motion  loading  of 
the  support  points.   With  this  code,  the  user  can  comprehensively 
model  reinforced  concrete  beam  elements  that  are  subjected  to  strains 
beyond  the  yield  value  and  even  up  to  failure  without  having  to 
resort  to  the  yield  surface  concepts  employed  by  plasticians. 
Furthermore,  the  complex  problem  associated  with  the  analysis  of 
expansion  joints  that  undergo  relative  motion  large  enough  to  cause 
impact  is  treated  by  the  user  by  merely  specifying  the  characteris- 
tics of  the  expansion  joint  such  as  joint  gap,  impact  stiffness, 
longitudinal  restrainer  parameters  (if  restrainers  are  provided), 
etc.   Since  expansion  joint  damage  can  be  massive  during  a  severe 
earthquake  loading  and  precipitate  major  failure  modes,  the  impor- 
tance of  an  adequate  treatment  of  this  essential  component  of  a 
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bridge  cannot  be  overemphasized.   The  general  characteristics  of 
this  computer  code  are  described  in  Section  5.2.1.   Its  application 
of  the  analysis  of  the  two-span  continuous  reinforced  concrete  box 
girder  bridge  at  Benecia,  California  (BR  2)  are  presented  in  Sec- 
tion 5.3.2. 

5.2.1  Nonlinear  Bridge  Analysis  Computer  Code  for  Seismic 
Loading  —The  IITRI/FHWA  bridge  analysis  computer  program  was  de- 
veloped for  the  purpose  of  analyzing  the  dynamic  structural  response 
of  highway  bridges  when  subjected  to  ground  motions  produced  by  an 
arbitrary  earthquake.   Its  specific  purpose  is  to  evaluate  the  merits 
of  various  retrofit  measures  that  would  be  employed  in  a  given  bridge 
for  the  purpose  of  eliminating  or  reducing  structural  damage.   The 
program  is  based  on  the  finite  element  method  of  structural  analysis 
and  models  a  given  bridge  as  a  three-dimensional  (space)  frame.   As 
such,  six  degrees  of  freedom  are  allowed  per  node. 

The  method  of  analysis  employs  a  nonlinear  dynamic  response 
analysis  of  the  structure.   An  implicit  integration  solution  scheme 
employing  equilibrium  checks  and  an  optional  iteration  procedure  is 
used  to  solve  the  incremental  form  of  the  equations  of  motion.   A 
tangent  stiffness  matrix  for  the  complete  structure  is  reassembled 
at  user  defined  arbitrary  increments  of  the  integration  step.   This 
feature,  coupled  with  the  equilibrium  checks  and  the  stable  implicit 
integration  technique,  permits  one  to  feasibly  obtain  realistic  solu- 
tions to  intermediate  size  problems  (up  to  1000  degrees  of  freedom) 
subjected  to  long  duration  loading  (up  to  50  sec).   The  most  out- 
standing feature  of  the  computer  code  is  its  ability  to  model  the 
reduction  in  load  carrying  capacity  of  a  member  subjected  to  rela- 
tively small  overs  tress ing  for  cyclic  loading.   This  is  a  most 
important  behavior  characteristic  which  is  believed  to  be  largely 
responsible  for  structural  component  failures,  such  as  reinforced 
concrete  columns.   The  elastic-plastic  yield  surface  technique 
usually  employed  to  model  beams  subjected  to  overstressing  does 
not  readily  lend  itself  to  conveniently  modeling  this  behavior  es- 
pecially for  members  of  complex  cross  section  subjected  to  combined 
thrust  and  bending  loading  about  two  axes. 
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A  soil -structure  interaction  finite  element  is  provided  in  the 
program  to  model  the  connection  of  the  bridge  structure  to  the 
ground.   This  element  simulates  the  connection  by  employing  three 
trans lational  and  three  rotational  springs  and  corresponding  vis- 
cous dampers.   The  prescribed  seismic  motion  is  imposed  at  the 
ground  node  point  of  the  soil-structure  interaction  finite  element. 
At  the  users  option,  different  spring  stiffnesses  can  be  employed  for 
the  compression  and  tension  translational  degrees  of  freedom.   This 
feature  is  quite  useful  for  seismic  loading,  due  to  the  cyclic  na- 
ture of  the  imposed  motion,  since  it  permits  one  to  use  a  high  stiff- 
ness for  compression  interaction  and  a  low  or  zero  stiffness  for 
tension  interaction  for  simulating  a  footing  on  piles  or  a  spread 
footing. 

A  nonlinear  expansion  joint  finite  element  (Figure  5.1)  pat- 
terned after  that  in  Ref.18  is  included  to  provide  the  analyst  with 
a  means  of  accurately  modeling  connections  between  different  spans 
of  the  superstructure,  superstructure- abutment  (or  pier)  interac- 
tions, and  hinges.   It  models  the  expansion  joint  gap,  includes 
Coulomb  friction  and  variable  spring  rates  to  realistically  simu- 
late difference^  in  compression  and  tension  resistances  either  hori- 
zontally or  vertically.   Longitudinal  res  trainers  or  tie  bars  with 
a  gap  can  also  be  modeled  with  the  expansion  joint  element. 

A  three-dimensional  elastic  beam  finite  element  is  also  pro- 
vided in  the  computer  code  to  model  those  components  of  the  struc- 
ture that  will  not  be  subjected  to  severe  overs tres sing  and  yielding 
due  to  the  dynamic  loading.   It  is  generally  employed  to  model  the 

majority  of  the  superstructure.   Shear  deformations  are  optionally 
included  in  the  elastic  beam  element  stiffness  and  stress- 
displacement  matrices. 
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The  computer  code  treats  the  nonlinear  response  of  overs  tressed 
members  by  employing  a  special  beam  element  that  realistically  mod- 
els the  behavior  in  a  simple  to  use  automatic  manner  that  is  particu- 
larly adapted  to  numerical  analysis.   Recalling  the  formal  develop- 
ment of  a  finite  element  beam  model,  the  constitutive  equations  of 
the  material  enter  the  analysis  through  integrals  over  the  beam 
cross  section  which  have  the  form 

/  a(e)  dA,     /  a(e)  y  dA,     /  a(c)  z  dA 
JA  JA  Jk 

where  a(e)  is  the  stress  at  any  fiber  location  (y,z)  and  e  is  the 
associated  strain  which  in  turn  can  be  obtained  in  terms  of  exten- 
sion, e  ,  and  the  curvatures  k   ,  k   .   The  method  employed  in  the 
'   o  oy   oz  r  J 

computer  code  evaluates  these  integrals  by  numerical  integration 
over  the  cross-sectional  area  at  each  stage  in  the  deformation.  The 
user  subdivides  the  cross  section  for  each  of  these  beam  elements 
into  a  finite  number  of  incremental  areas  (Figure  5.2).   Each  of  the 
subdivided  areas  is  specified  as  a  particular  type  of  material  (such 
as  concrete  or  steel)  and  as  such  has  a  certain  nonlinear  stress  - 
strain  behavior  which  is  also  specified  by  the  user.   A  knowledge 
of  the  current  strain  and  the  previous  stress- strain  path  for  each 
subdivided  area  provides  the  information  necessary  to  determine  the 
current  stress  and  hence  evaluate  the  integrals  to  determine  the  cur 
rent  force  resultant.   This  concept  is  employed  to  derive  the  in- 
cremental force- deformation  relationships  at  each  of  the  beam's  two 
node  points  (six  degrees  of  freedom  per  node)  which  permits  one  to 
derive  the  time  varying  tangent  stiffness  matrix  for  these  elements. 

The  matrix  equations  of  motion  can  be  written  as 

MDi+1  +  CDi+1  +  FJ;nt+  Rp  AD  =  Fgg  <5'  X> 
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wfojere 


M 
C 


=  mass  matrix 

=    damping  matrix 

=    tangent   stiffness  matrix 


,ext 


F.,i    =  vector  of  external   forces    at   integration 
time  step    i+1 

F.        =   vector  of  internal    forces   at    the  beginning 
of  the   integration   time  step    (time   t.) 

D.,-,,D.,,    =   unknown  vectors   of  velocity  and  acceleration  end 
of    time   step    (time   t.,-,) 

AD       =  unknown  vector   of  the   increment   of   displace- 
ment over  the   integration   time   step 

The   implicit  method  of   solution   employed  by   the   computer  code 
uses   Newmark's    3  method  of  numerical   integration   to    solve   for   the 
velocity   and  acceleration  vectors    at   the   end  of   the   time   step    (D.,, 
D.+, )    in   terms   of   the  known   acceleration,    velocity  and   displacement 
vectors   at   the  beginning  of   the  step    (D^ ,    D . ,    Di)    and  the  unknown 
AD.      Newmark's   3    integration  relations    can  be  written  as 


4i+i-  bi  +  ir  <Bi  +  5i+i> 


Di+1  =   Di  +  At  Di  +  At' 


Define  AD  =   D.+1  -  D. 


(j-3)    DjL  +  8    D. 


i+1 


(5.2) 
(5.3) 


AD  =   At   Di  +  At 

From     equation    (5.3a) 

D 


(j-B)    Di  +  g    D±+1 


Di+1 


where 


a 


AD 


BAt 


+    (1 


art   AD  +  a-,    D.  +  a0 
o  l      1        z 


=   l/(3At*) 

=    -At    a^ 
o 

2=1  -0.5/3 


2F>   °i 


(5.3a) 


(5.3b) 


D, 
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From  equations    (5.2)    and   (5.3b) 


=  b      AD+b-.    D.  +b0   D. 
o  1      1        2      1 


where 


bQ  =    l/(23At) 

b1  =    a2 

b2  =   At    (1-0.25/3) 

Subtracting  D^    from  both   sides    of   equation    (5.3b)    and   defining 
AD  =   D.  , -,  -  D. 


AD=    ^°      - 

BAt 

D.          D. 

BAt        2B 

Subs tract ing  D. 

from  both 

AD   =    D1+1  -  D. 

AD  -    „AD 

.    _i+At 

(5.5) 


-2T)Di  <5'6> 

Substituting   equations    (5.3b)    and    (5.4)    into    (5.1)   after 
rearranging    terms 

(aQ  M  +  bQ   C  +  Kj)    AD  =   F*£j  -  F^nt 

-  (a-,^  M  +  b-L   C)    Di 

-  (a2   M  +  b2    C)    D^^  (5.  7a) 

eff  eff 

Kerr    AD  =    AFerr  (5.7b) 


or 


This  system  of  linear  equations  can  be  solved  for  the  unknown  incre- 
ment in  displacement,  vector  AD,  since  all  of  the  other  terms  are 
known.   Note  that  as  the  structure  deforms  nonlinear ly,  the  tangent 
stiffness  matrix  (Kp)  changes  and  hence  the  effective  stiffness 
matrix  must  be  changed  to  reflect  this  structural  modification.   It 
is  also  possible  to  obtain  accurate  solutions  without  modifying  Kp 
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and  the   effective   stiffness  matrix  at    each   time   increment.      A  modi- 
fied Newton-Raphson   iteration  procedure   is    employed  in   the   computer 
code    to   obtain   acceptable  results.      This    concept   is   illustrated   in 
Figure   5.3   for    the  static  problem.      Referring   to    this    figure,    the 
displacement   and  internal    force    is   known   at   solution  step   i    (D.  ,    F.      ) 
The   tangent   stiffness    at  an   earlier    point    in   the    solution  process    is 
also  known   and  denoted  by   K.       It    is    desired  to   find  the    displacement 
at   the   end   of   the   time  step   such   that    the   error  in   equilibrium  is 
within   a   certain   tolerance.      The   following  notation   is    employed. 

D.-*    ,    F.        Y    ..=    displacement   and  internal   force  at 

1  the  ith   solution   step,    j th   iteration 

cycle 

It   is    desired  that  F?J?  -  F^J  =   0.      With   an   assumed  K,  compute 
AD^    from 

K   AD(o)    =   F?^-F^nt  (5.8) 

l+l        l 

Di+1  =   Di  +  AD(0)  (5'9> 

and  the   internal   forces   are   computed   from   the  0th   iteration  of  the   i+1 
step   displacements ,    i.e., 

Fint(o)    =   Fint{D(cO}  (5   lQ) 

The    error   in   equilibrium  is 

Ferr(o)        ^ext        ^int(o)  ,c    n\ 

Fi+1  "   Fi+1  "    Fi+1  ^'LL) 

The   improvement   to  the   end  of  the  step    displacement   is 

AD(D    =   k"1   Ff™<°>  (5.12) 

The  displacement  after  the  first  iteration  cycle  is 

D<i>  =  D<?>  +  AD(1)  (5.13) 

l+l     l+l 
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This  process  is  repeated  until  the  error  at  the  end  of  the  j th  itera- 
tion cycle 


^err(j)    pext   ^int(j) 
i+l       i+l  "   i+l 


(5.14) 


is  within  the  permissible  value  or  the  number  of  iteration  cycles 
becomes  excessive. 


For  the  general  case  of  seismic  loading,  the  vector  of  ex- 
ternal forces  is  not  an  appropriate  designation  of  the  loading 
phenomenon  since  the  loads  are  in  the  form  of  prescribed  motion 
variations  at  the  support  points.   The  treatment  of  this  type  of 
loading,  together  with  any  external  loads  which  for  this  case  are 
merely  the  gravity  dead  loads,  is  discussed  by  considering  the 
static  solution  case. 

If  there  are  prescribed  motions  at  some  of  the  degrees  of 

freedom  (say  M  of  the  DOF)  and  known  external  forces  (or  loads)  at 

the  remaining  degrees  of  freedom  (say  L  of  the  DOF)  where  the  total 

number  of  DOF  =  M+L)  then  the  L  and  M  degrees  of  freedom  can  be 

grouped  and  the  incremental  equilibrium  equations  can  be  rewritten 

as 

-i(o) 


K 


LL 


K 


LM 


K 


ML 


K 


MM 


ADL 

M 

LAirj 


,ext  L 


,ext  M 


•".pint  L' 
F 

T,int  M 


Ji+1 


(5.15) 


or 


KAD(o)  =  Fe*t  -  F^nt 
i+l    l 


ext  L 


where  AEr  are  the  known  prescribed  incremental  motions  and  F.  ,  -. 

are  the  known  external  loads  at  the  remaining  degrees  of  freedom. 

T       ext  M 
The  unknowns  are  AD  and  F.+,    where  the  latter  are  the  reactions 

which  are  of  little  interest  since  they  can  be  readily  obtained 

from  the  internal  forces  Fin    at  the  M  degrees  of  freedom. 
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L  M 

To  solve   the   equations    for   AD     and  also   the  known  AD    ,    the 


equa 

tions 

are   recast 

as 

-KLL 

0 

r    l! 

ADL 

(o) 

"rext  L" 
Fi+1 

.    0 

I. 

M 

_AD   _ 

_   ADM     J 

TFintL+  KLM  ADM 

l 

0 


(5.16) 


or 


K*  AD<°>    =    F* 


LM   M  1 

Thus  the  forces  obtained  from  the  K   AD  operation  are  the  assumed 

incremental  internal  forces  due  to  the  known  prescribed  incremental 

M 
displacements  AD  .   The  total  displacements  at  the  end  of  the  step 

(after  the  Oth  iteration  cycle)  are 


D(o>    = 
ui+l 


D 


-l(o) 


i+1 


M 
D 


V. 


M 


+ 


AD 


^M 


(o) 


(5.17) 


_D.  J     LAD  J 
,(o) 


Since    the   displacements    D^,^    at    the  M   degrees    of   freedom  are   exact, 
one   does   not  want   to   compute   any   additional   displacement   for   these 
degrees    of  freedom  during   the   iteration   cycles.      Hence,    the  error 
force   for  iteration  is  based  only  on   the  error   for   the  L   degrees 
of   freedom, 


,err(o) 
'  i+1 


r  rext Li 
Fi+1 


0 


r„int  L(o)  1 
Fi+1 


0 


(5.18) 


The    iteration   solution   scheme   for  prescribed  motion   then    follows 
that   defined  by   equations    (5.8)    through    (5.13)   with  K<~K*  and 
F^jl]  determined  as    indicated   in   equation    (5.18). 


They   are   assumed    (or   approximate)    because  K        is   based  on    some 
assumed  relationship    (tangent  stiffness)    between    internal   forces 
and  displacements    for    the   increment. 
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5.2.2  Application  of  Nonlinear  Computer  Code  to  Analysis 
of  Benecia,  California  Bridge  (BR  2)  —The  computer  code  described 
in  Section  5.2.1  has  been  used  to  compute  the  behavior  of  the  as- 
built  Benecia,  California  Bridge  (BR  2).  It  was  also  used  to  obtain 
the  response  for  a  modification  to  the  structure  which  incorporates 
a  strengthened  pier  column.   A  description  of  the  structure  and  the 
important  details  are  given  in  Appendix  C. 

The  finite  element  model  of  the  structure  (Figure  5.4)  that 
was  used  in  this  analysis  consists  of  17  node  points  and  16  ele- 
ments.  The  superstructure  was  modeled  with  nine  elastic  beam 
elements.   Three  soil-structure  interaction  elements  employing  the 
parameters  tabulated  in  Appendix  F  for  this  structure  are  used  at 
the  foundation  attachment  points  corresponding  to  the  abutments 
and  the  central  pier.   The  mass  and  rotational  inertia  of  the 
abutments  and  the  pier  footing  listed  in  Appendix  F  are  included 
in  the  model  at  the  appropriate  node  points  (2,  13  and  16).   The 
pier  column,  which  is  monolithic  with  the  superstructure,  was 
modeled  with  four  nonlinear  reinforced  concrete  (composite)  beam 
elements . 

Node  points  1,  15,  and  17  represent  the  soil  connection  points 
which  were  subjected  to  the  vertical  and  horizontal  motion  varia- 
tion that  was  determined  for  the  site  (Appendix  A) .   These  pre- 
scribed motions  were  applied  to  each  of  the  soil  nodes  with  a 
phase  delay  time.   The  delay  times  were  based  on  the  assumption 
that  the  seismic  disturbance  is  traveling  in  the  longitudinal  di- 
rection at  a  velocity  of  1000  ft/sec.   The  horizontal  motions  were 
applied  in  the  longitudinal  direction.   The  displacement  records 
used  in  the  analysis  are  shown  in  Figures  5.5  and  5.6.   These  were 
obtained  by  eliminating  the  first  8.2  sec  of  the  Appendix  A  wave- 
form generated  for  the  site  and  also  shortening  the  total  duration 
to  42  sec.   These  modifications  to  the  original  data  eliminate  the 
small  amplitude  early  motion  and  some  of  the  less  severe  motion 
at  the  end  of  the  records. 

The  results  of  the  analysis  for  the  as -built  configuration  are 
shown  in  Figures  5.7  through  5.18.  The  most  severe  loading  for  the 
structure  occurs  at  the  top  of  the  pier  column  (Figure  5.18). 
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For  comparison,  the  ultimate  moment  of  the  pier  (without  axial  load- 
ing) is  shown  on  the  figure.   Even  though  this  ultimate  moment  is 
exceeded  several  times  during  the  solution,  the  column  does  not 
fail.   This  is  due  to  the  increase  in  the  bending  resistance  from 
the  axial  compression  load  since  the  column  would  fail  by  the  re- 
inforcement exceeding  the  tension  ultimate  stress. 

If  a  retrofit  procedure  is  deemed  necessary  to  eliminate  the 
damage  that  will  occur  to  the  pier  column,  a  reasonable  structural 
modification  would  be  to  strengthen  the  column.   The  procedure  de- 
scribed in  Section  6  can  be  used  to  provide  additional  longitudinal 
reinforcing  bars  (and  lateral  ties)  to  the  column.   This  was  done 
by  adding  16  additional  number  11  rebars  to  the  8x3  ft  pier  column 
(eight  bars  each  on  the  8  ft  faces)  and  providing  3  in.  of  addi- 
tional concrete  on  the  8  ft  faces.   The  computed  results  for  this 
modification  to  the  finite  element  model  of  the  bridge  are  shown 
in  Figures  5.19  through  5.28.   It  is  observed  that  the  addition  of 
the  longitudinal  reinforcing  bars  and  concrete  to  the  pier  causes 
an  increase  in  the  maximum  bending  moment  of  the  column  during  the 
seismic  loading.   The  ratio  of  the  moment  for  the  retrofitted  case 
to  the  as-built^case  is  1.19.  At  the  same  time,  the  retrofit  measure 
produces  a  61  percent  increase  in  the  computed  ultimate  bending 
moment.   It  is  also  observed  that  •  there  are  essentially  no  in- 
creases in  the  internal  forces  for  the  unretrofitted  portions  of 
the  structure,  i.e.,  the  superstructure. 

5.3   Simplified  Seismic  Analysis  of  Bridges 

5.3.1  Seismic  Loading  —Using  the  methods  discussed  in  Appen- 
dix A,  the  seismicity  of  the  bridge  site  can  be  determined  together 
with  a  representative  Richter  earthquake  magnitude  and  a  hypocen- 
tral  distance.   With  this  information,  the  peak  horizontal  component 
of  the  bedrock  acceleration,  velocity,  and  displacement  can  be 
estimated.   Using  the  soil  boring  data,  the  shear  wave  velocity 
(Ref .  10)  of  the  hardrock  material  and  the  soil  above  bedrock  can 
be  estimated  for  the  site.   This  information  can  then  be  used  to 
compute  a  dynamic  amplification  factor  to  convert  the  bedrock 
horizontal  acceleration  to  a  ground  surface  magnitude  which  is 
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applicable  for  the  analysis  of  the  bridge  structure.   The  applica- 
tion of  this  technique  produces  the  following  maximum  horizontal 
ground  accelerations  for  the  subject  bridge  sites. 

Bridge  Site         Horizontal  Acceleration  (g) 

1.  Montana  0,065 

2.  Benecia,  California  0.320 

3.  Los  Angeles,  California  0.187 

4.  Illinois  0.120 

5.  Anchorage,  Alaska  0.127 

6.  New  York  0.024 

7.  Riverside,    California  0.160 

The  response  spectrum  used  for  this  simplified  analysis  is 
taken  from  Ref .  10  using  the  2  percent  damping  curve.   For  a  1  g 
maximum  horizontal  ground  acceleration,  the  spectrum  is  shown  in 
Figure  5.29.   To  obtain  the  appropriate  spectrum  for  any  of  the 
seven  bridge  sites,  the  Figure  5.29  curve  is  scaled  by  the  ratio 
of  the  horizontal  acceleration  for  the  site  to  1  g.   For  example, 
for  the  Montana  site,  the  amplitudes  of  the  Figure  5.29  curve  are 
multiplied  by  0.065  to  obtain  the  appropriate  spectrum  values  for 
this  site. 

The  predominant  seismic  motion  for  the  bridge  structure  is 
assumed  to  be  horizontal  and  can  be  resolved  into  two  orthogonal 
directions,  longitudinal  and  lateral.   If  the  lateral  restoring 
forces  or  resistance  of  the  structure  is  considerably  larger  than 
that  in  the  longitudinal  direction,  then  the  lateral  response  does 
not  govern  and  can  be  ignored. 

The  vertical  vibrations  do  not  normally  create  overloading  of 
the  superstructure  and  substructure;  however,  the  bearings  are  as- 
sumed to  be  susceptible  to  uplift  loads  caused  by  the  vertical 
seismic  motion.   For  example,  hinge  pins  and  rollers  can  become 
displaced  and  "slip  out"  which  may  produce  extensive  damage.   For 
this  reason,  a  so-called  positive  connection  is  recommended  to  re- 
sist a  vertically  oriented  tensile  separation  force  across  the 
bearing  equal  to  10  percent  of  the  dead  load  reaction.  The  vertical 
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seismic  loading  is  also  assumed  to  increase  the  pier  flexibility 
for  the  case  where  piers  are  monolithic  with  the  superstructure. 
The  increased  flexibility  is  approximated  by  assuming  that  the  top 
of  the  piers  are  pin  connected  to  the  superstructure.   This  assump- 
tion is  made  since  the  vertical  seismic  loading  causes  the  super- 
structure to  oscillate  vertically  which  creates  rotations  at  the 
monolithic  supports . 

5.3.2  Structural  Idealization  —The  following  assumptions  are 
made  for  the  simplified  analysis: 

(1)  Rollers  and  expansion  joints  are  considered  to  be 
friction less . 

(2)  Expansion  joints  are  assumed  capable  of  transmitting 
longitudinal  forces  only  if  longitudinal  ties  are 
provided  through  the  joint. 

(3)  Skewed  bridges  are  analyzed  as  it  they  were  unskewed. 
(i.e.,  the  longitudinal  stiffness  is  assumed  to  be 
perpendicular  to  the  skewed  piers) 

(4)  Horizontally  curved  bridges  are  analyzed  by  convert- 
ing the  structural  properties  into  the  chord  line 
direction  (which  is  nominally  referred  to  as  the  longi- 
tudinal direction)  and  perpendicular  to  the  chord 
(lateral  direction). 

For  tlie  analysis  of  a  particular  element  of  a  curved 
bridge,  the  longitudinal  and  lateral  earthquake  load- 
ing (accelerations)  are  individually  resolved  into 
the  principal  directions  (parallel  and  perpendicular) 
of  the  element.  Since  the  seismic  motion  can  act  in 
both  the  positive  and  negative  directions ,  the  abso- 
lute values  of  these  results  are  added  vectorally  to 
obtain  the  appropriate  element  loads. 

Each  bridge  structure  is  idealized  separately  in  the  longitudinal 
and  lateral  directions  as  single  degree  of  freedom  systems.  This 
is  done  by  individually  determining  an  equivalent  mass  and  spring 
stiffness  for  the  two  directions. 

Pier  or  Bent  Idealization  (Figure  5.30):   The  piers  are  con- 
sidered to  be  cantilever  beams  fixed  against  rotation  at  the  base 
and  interconnected  to  a  horizontal  soil-structure  interaction 
spring  to  simulate  the  foundation  flexibility.   The  rotational  flex- 
ibility of  the  foundation  is  not  included  in  the  idealization. 
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The  horizontal   soil-structure   interaction  stiffness    (k^)    can 
be   computed   for   spread   footings  by  application   of  the  methods    given 
in  Ref.15.     For  piers    on  pile   foundations,    the   lateral   stiffness 
may  be   computed  by  assuming   the  piles   are    fixed   10   ft  below   the 
foundation  or  by  application   of   the   formulas    from  Ref.  16. 

For   a  pier  of  uniform  cross    section,    the   equivalent  mass,    M    , 
and  stiffness,    k    ,    at   the  top   of   the  pier  are 

Me  =  M/4.14  (5.19a) 

k     =    3   EI/h3  (5.19b) 

where 

M  =   total  mass    of  pier 
E  =  modulus   of   elasticity 
I  =  moment  of  inertia 
h  =   pier  height 

The  equivalent  mass   equation    (5.19a)    is    obtained  by   equating   the 
frequency   of   a  uniform  cantilever  with   distributed  mass    to   that 
of  a   single   degree   of   freedom  system  shown   in  Figure   5.30b.      For 
a  pier  with  variable   cross   section,    Newmark's   method    (Ref.  17     may 
be   employed   to  compute  the    spring   stiffness  and  the   equivalent 
mass   at   the   top   of  the  pier.      An  example   of  this    procedure   is   given 

in    the   simplified  analysis    of   the    Illinois   bridge  in   Section   7. 

The   combined  stiffness,    K   ,    of  the  pier  and  foundation   is: 

kp  =  X7X  (5-20) 

kP  kf 

where 

k     =     horizontal  soil-structure    interaction   foundation  stiffness. 

The   combined  stiffness    of   the  pier   is    generally   different    in   the 
lateral  and  longitudinal   directions.      Thus,    the  appropriate   founda- 
tion  and  pier  stiffness  must  be  used   depending   on  the   component 
direction     under  consideration. 
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Superstructure  Idealization:   The  axial  stiffness  for  a  given 
span  of  the  superstructure  is 

ka  =  AE/A  (5.21) 

where 

A  =   cross-sectional  area 
E  =  modulus    of  elasticity 
I  =   span   length 

If    this    stiffness    is    considerably  higher    (say   an   order   of  magnitude) 
than    the   pier    stiffness,    the   superstructure   can  be   considered  as   rigid. 

The    lateral   stiffness    of  a   superstructure   span   that   is    fixed 
(i.e.,    continuous)    at  both  ends    is 


where 


kz  =   12   EI  /I3  (5.22a) 

I     =  moment   of   inertia  about   the  vertical  axis 
^        of  the   cross   section. 


If   the  span   is    fixed  at  one   end  and   free   to  rotate   about   a  verti- 
cal  axis    (i.e.,    expansion  joint  hinge   or  simply   supported  bearing) 
at   the   other  support,     its  stiffness    is 

k     =   3  EI  /I3  (5.22b) 

/v  y 

If  both  ends  are  simply  supported  the  lateral  stiffness  is  esti- 
mated as 

k£  =  6  EIy/£3  (5.22c) 

Equivalent   Lateral  Model   of  Complete   Bridge   Structure:      Stiff- 
ness --  The   equivalent   lateral   stiffness    is   obtained   from   (Figure  5.  31a) 

K  =   , r-  (5.23) 

Iktt  +  Zk^ 


i     ^        i      Bj 


where 


Kp.    =   equivalent  stiffness    of  pier   i    in   the    lateral 
direction 

Kg.    =   equivalent  stiffness   of  beam  span   i   in   the 
lateral  direction. 
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For  a  straight  bridge,  the  longitudinal  and  lateral  directions  of 
each  pier  and  span  element  correspond  to  those  of  the  overall  bridge 
structure.   However,  for  a  curved  bridge,  corrections  must  be  made 
to  convert  the  stiffness  properties  referred  to  the  local  directions 
of  a  pier  or  beam  span  element  to  the  overall  longitudinal  and 
lateral  direction.   To  transform  a  particular  stiffness  in  the  local 
direction,  x,  to  the  overall  direction,  X,  the  following  equation 
is  applicable  (Figure  5.31c) 

K  =  k  cos29  (5.24) 

where 

K  =  stiffness  in  the  X  direction 
k  =  stiffness  in  the  x  :  drection 
9  =  angle  between  the  direction  x  and  X 

The  equation  to  compute  the  overall  stiffness,  equation  (5.23)  is 
used  for; 

(a)  continuous  bridges  without  joints 

(b)  portions  of  the  structure  with  expansion  joints 
that  can  transmit  force.   Note  that  a  bridge 
span  with  a  hinge,  at  say  the  quarter  point, 
that  is  capable  of  transmitting  force  would  be 
treated  as  two  cantilevers.   Their  individual 
stiffnesses  would  be  obtained  from  equations  (5.22) 
with  I  =   3/4  span  and  1/4  span  respectively. 

(c)  the  portion  of  the  bridge  between  expansion 
joints  that  are  not  capable  of  transmitting  force. 

Combined  Lateral  Mass  --  The  equivalent  lateral  mass  is: 

(a)  the  mass  of  the  superstructure  plus  the  equiva- 
lent mass  of  the  piers  for  a  continuous  structure 
or  for  a  bridge  consisting  of  a  series  of  simply 
supported  spans. 

(b)  the  mass  between  the  expansion  joints. 

Equivalent  Longitudinal  Model  for  Complete  Bridge  Structure: 
Combined  Longitudinal  Stiffness  --  The  equivalent  stiffness  (includ- 
ing corrections  for  direction  angles  equation  (5.24)  as  required) 
is  as  follows: 

(a)  for  the  portion  of  the  structure  between  expan- 
sion joints,  if  not  capable  of  transmitting  force, 
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or  between  roller  bearings  the  combined  stiffness 
is  given  by  (Figure  5.31b) 


K  =  — -  (5.25) 


where 

Kp.  =  equivalent  stiffness  of  pier  i  in  the 
longitudinal  direction  of  the  bridge 

Kr..  =  equivalent  stiffness  of  beam  span  i 

in  the  longitudinal  direction  of  the  bridge 

(b)  If  the  bridge  is  a  series  of  simply  supported  spans, 
each  span  is  analyzed  separately.   For  this  case, 
equation  (5.25)  is  used  individually  for  each  span 
but  the  summation  sign  is  not  used. 

(c)  For  the  case  where  there  are  i  beam  segments 

and  k  segments  between  expansion  joints,  and  if  the 
beam  spans  are  fixed  on  the  piers  and  the  expansion 
joints  can  transmit  force,  the  combined  stiffness  is 


K  =  — , K t-  (5.26) 


where  Kp.  and  KR.  are  the  same  as  for  equation  (5.25). 
Combined  Longitudinal  Mass  --  The  equivalent  mass  is  obtained 


as  follows 


(a)  For  simply  supported  spans,  the  mass  of  the  super- 
structure connected  to  a  pier,  by  a  fixed  bearing, 
and  the  equivalent  mass  of  the  pier  is  used  for 
the  analysis  of  individual  spans. 

(b)  For  continuous  bridges,  the  mass  of  the  complete 
superstructure  and  the  equivalent  mass  of  the  piers 
with  fixed  connections. 

(c)  For  the  analysis  of  a  portion  of  a  bridge  between 
bearings,  the  equivalent  mass  is  obtained  from 
the  superstructure  mass  between  the  joints  and  the 
equivalent  mass  of  those  piers  between  the  joints 
with  fixed  connections. 
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Equivalent  Seismic  Loading:   From  the  combined  lateral  or 
longitudinal  stiffness,  K,  and  M,  an  equivalent  frequency  is  com- 
puted from 


=  l  /T 

2tT^  M 


f  ■  s/i  <5-27> 

Using  this  frequency,  a  horizontal  displacement  and  acceleration 
are  obtained  from  Figure  5.29  for  a  1  g  maximum  horizontal  ground 
acceleration.   These  values  are  then  modified  to  the  maximum  hori- 
zontal elastic  acceleration  or  displacement  of  the  bridge  site  as 
described  in  Section  5.3.1. 

Longitudinal  Seismic  Forces:   The  longitudinal  force  is  obr 
tained  by  using  the  equivalent  longitudinal  acceleration  (as 
obtained  above)  times  the  equivalent  mass.   If  the  bridge  is  sup- 
ported on  piles  and  the  lateral  strength  of  the  piles  is  being 
investigated,  the  force  carried  by  each  pier  and  abutment  (sup- 
ported by  piles)  can  be  assumed  to  be  proportional  to  the  number 
of  piles  available  at  each  pier  and  abutment. 

Lateral  Seismic  Forces :   The  lateral  force  acting  on  a  bearing 
or  pier  is  obtained  from  the  lateral  acceleration  times  the  larger 
of  the  following  masses: 

(1)  The  mass  attributed  to  a  pier,  such  as  a  bridge 
segment  between  expansion  joints  supported  by  a 
single  pier 

(2)  The  mass  computed  from  the  reaction  carried  by 
the  pier. 

Application  of  Equivalent  Pier  Mass:  When  computing  shear 
loading  of  bearings,  the  equivalent  pier  mass  should  not  be  in- 
cluded in  the  calculation  of  the  seismic  shear  forces . 

For  the  computation  of  pier  loading  (shear  and  moment)  the  pier 
mass  should  be  included  in  the  calculation  of  horizontal  seismic 
loads . 

5.3.3  Assumed  Failure  Modes  —  It  is  assumed  that  the  bridge 
will  fail  if  the  analysis  indicates  that  any  of  the  following  con- 
ditions will  occur. 
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(1)  The  anchor  bolts  of  fixed  bearings  fail  by 
shear. 

(2)  A  plastic  hinge  is  formed  at  the  bottom  of  a 
pier  that  is  hinged  at  the  top  if  no  additional 
lateral  stability  is  provided  by  the  adjacent 
piers  or  abutment. 

(3)  Piles  are  subjected  to  excessive  lateral  forces 
which  create  large  horizontal  displacements  of 
the  structure.   Vertical  piles  in  good  soil  sub- 
jected to  more  than  15  kips  (each)  lateral 
force  are  considered  to  be  excessive.   Clay  is 
considered  as  a  poor  soil  for  providing  lateral 
resistance  for  piles. 

(4)  Slip -out  of  pins  in  hinge  connections  or  bearings 
due  to  excessive  horizontal  or  vertical  relative 
motion. 

5.3.4  Tolerable  Overloading  —  It  is  assumed  that  failure  will 
not  occur  if  the  analysis  indicates  that  the  following  overloading 
and/or  yielding  conditions  will  occur. 

(1)  A  plastic  hinge  occurs  at  the  bottom  of  a  pier 
that  is  fixed  at  the  top  as  long  as  the  pier  is 
not  an  isolated  one  between  expansion  joints. 

(2)  The  bending  moment  for  a  reinforced  concrete 
pier  (based  on  the  elastic  response  spectrum 
seismic  loading)  does  not  exceed  three  times 

the  ultimate  moment  of  the  section.   This  is  based 
on  the  fact  that  the  seismic  acceleration  will  be 
reduced  by  a  factor  of  1/  /2y-l  where  y  is  the 
ductility  factor.   For  reinforced  concrete,  a 
value  of  y  =  5  is  commonly  used. 

(3)  If,  due  to  vertical  vibrations,  a  plastic  hinge 
forms  at  the  top  of  a  pier  which  is  monolithic  / 
with  the  superstructure  and  the  pier  is  framed 
into  a  transverse  superstructure  diaphragm. 
Failure  will  not  occur  as  long  as  no  plastic 
hinge  develops  at  the  bottom  of  the  pier. 

5.3.5  Primary  Retrofit  Measures  Considered  —The  following  cor- 
rective measures  have  generally  been  considered  for  the  application 
of  the  simplified  method  of  analysis  for  the  seven  bridge  struc- 
tures analyzed  in  this  project.   Details  of  these  methods  and 
other  retrofit  measures  are  described  in  Section  6  of  this  report. 

(1)  A  positive  uplift  connection  should  be  provided 
to  prevent  "slip-out"  of  pins  or  rockers  at 
bearings.   Eccentric  rockers  (i.e.,  roller  bear- 
ings with  a  different  center  of  curvature  for 
the  upper  and  lower  surface)  should  be. avoided 
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since  lateral  motion  at  these  bearings  create 
horizontal  loads  due  to  the  eccentricity  of  the 
vertical  reaction  force, 

(2)  The  elimination  of  expansion  joints  and  the  re- 
placement of  roller  bearings  with  fixed  bearings . 

(3)  The  enlargement  of  footings  with  added  depth  and 
the  extension  of  reinforcing  steel  in  order  to 
accommodate  additional  piles . 

(4)  The  strengthening  of  piers  by  adding  additional 
column  reinforcement  to  an  existing  column. 

If  feasible,  it  may  also  be  possible  to  add  a  new  footing  and 
column  interconnected  to  the  existing  pier  cap  . 

5.3.6  Comparison  of  Simplified  Method  with  a  Nonlinear  Analysis  — 
The  simplified  method  of  analysis  is  demonstrated  and  the  results 
are  compared  with  a  nonlinear  analysis  (Ref.18)  of  a  bridge  that 
failed  in  the  1971  San  Fernando  earthquake.   The  bridge  considered 
is  the  Interstate  Highway  5  California  14  South  Connector  Over- 
crossing.   This  structure  (Figure  5.32)  is  a  nine-span,  curved, 
cast  in  place  reinforced  concrete  box  girder  bridge  supported  by 
eight  single  column  piers  which  were  cast  monolithic  with  the  deck. 
The  portion  of  the  deck  between  expansion  joints  1  and  2  (EJ1  and 
EJ2)  and  between  EJ3  and  EJ4  are  posttensioned  prestressed  concrete. 
The  remainder  is  conventional  reinforced  concrete.   Spans  3  and  4 
and  pier  4  collapsed  during  the  San  Fernando  earthquake.   Longi- 
tudinal restrainer  ties  were  incorporated  at  each  expansion  joint 
by  providing  three  1-1/2  in.  diameter  bolts,  4  ft  long,  one  bolt 
in  the  center  of  each  box  girder  cell.   The  ultimate  strength  of 
each  bolt  was  assumed  to  be  70.8  kips  in  Ref.  18. 

The  seismic  loading  is  based  on  a  peak  horizontal  ground  ac- 
celeration of  0.5  g  in  the  global  Y  direction.   The  structural 
properties  (A,  E,  I)  of  the  piers  and  superstructure  required  for 
the  simplified  analysis  have  been  taken  from  Ref.  18.  These  param- 
eters are  given  in  Tables  5.1  and  5.2,  together  with  the  appropriate 
stiffnesses  and  effective  mass  for  each  element,  which  are  based 
on  the  simplified  method  of  analysis  technique.   Since  we  are 
primarily  concerned  with  the  response  analysis  of  the  collapsed 
portion  of  the  bridge,  the  longitudinal  and  lateral  directions  are 
referred  to  pier  4  for  convenience. 
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The  stiffness  of  the  diaphragm  type  pile  abutments  is  assumed 
to  be  rigid.   An  examination  of  the  parameters  in  Table  5.2  indi- 
cates that  the  smallest  axial  stiffness  for  the  superstructure 
beams  is  for  span  3,  which  is 

k      =  AE/£ 

=    60.9x524xl03/177 

=   180xl03   k/ft,    span   3 

The  axial    stiffness   of   the  three   1-1/2   in.    diameter  by   4   ft    long 
hinge   res  trainer  bolts    is 

k  =  AE/X, 

=  3xl.77x3xl04/48 

=  40xl03  k/ft,  hinge  bolts 

Since  these  stiffnesses  are  very  high  compared  with  the  longitudinal 
stiffnesses  of  the  piers,  k  ,  they  can  be  assumed  to  be  rigid. 

The  combined  lateral  and  longitudinal  stiffnesses  of  the  bridge 
(referred  to  pier  4)  are  computed  in  Tables  5.3  and  5.4,  respec- 
tively.  In  these  tables,  the  angle  9,  represents  the  relative  angle 
between  the  principal  component  directions  of  each  pier  and  beam 
span  and  those  of  pier  4.   These  are  obtained  by  subtracting  the 
pier  4  angle,  9,  (-  -18  deg)  from  the  9  angle  for  each  element 
(where  9  is  the  angle  between  the  global  X  axis  and  the  local  longi- 
tudinal direction  of  the  element) . 

Analysis  of  Collapsed  Portion  (Spans  3  and  4  and  Pier  4) :   The 
equivalent  mass  for  the  analysis  of  the  collapsed  portion  between 
expansion  joints  EJ1  and  EJ2  is  obtained  from  the  mass  of  spans  3 
and  4  and  the  equivalent  mass  of  pier  4 

M-,,  spans  3  and  4         97.0 
M2,  pier  4  8.8 

M  =  105.8  k-sec2/ft 

For  the  following  analyses,  the  longitudinal  and  lateral  directions 
refer  to  the  local  x  and  y  superstructure  components,  respectively, 
at  pier  4  unless  otherwise  indicated. 
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Longitudinal  Analysis 

From  Table   5.4,    the   combined   longitudinal  stiffness   referred 
to  pier    4  is    K     =48.3  k/ft. 

The   effective  mass    (Tables    5.1   and   5.2)    is    8.8  +  97.0  =    105.8 

2 
(k-sec   )/ft.      The  effective   frequency   for    longitudinal  response  is 

obtained  from  equation    (5.27),    viz., 

f  =   j^V48.3/105.8 

=  0.107  cps 

From  Figure  5.29,  for  the  basic  ground  acceleration  of  1  g  for  this 
frequency, 

D  =  90  in. 
A  =  0.106  g 

For   the  maximum  horizontal  ground  acceleration  of   0.5   g   in   the 
global  Y  direction   that  was   used   in  Case   2,    Ref .18,    the   corresponding 
maximum  ground  acceleration   in   the    longitudinal   direction  at  pier   4 
is   0.5  x  sin   18   deg  =   0.155   g.      Hence,    the   longitudinal   seismic 
forces    are   derived   from  the   following   equivalent    longitudinal  accel- 
eration, 

ax  =   0.155(0.106)    g 
=   0.0165  g 

Using  this  longitudinal  g  loading,  the  bending  moment  about  the 
lateral  axis  at  the  base  of  pier  4  is  calculated  as  follows: 

F,  =  superstructure  longitudinal  force 


-  Mlax 

hn    =  height   from  bottom  of  pier   4   to  center  of  mass 
of  superstructure 

=   150  +  7/2  =    153.5   ft 

F2  =  pier  4  longitudinal  force 

=  4.14  M2  ax 
h2  =  (150+7)/2=  78.5  ft 
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M     =  bending  moment  about    lateral  axis   at  base 
y        of  pier  4 

=    (M-j^  h±  +  4.14  M2  h2)ax 

=   9420   k-ft 

This  bending  moment  compares  quite  favorably  with  the  peak  value 
obtained  from  the  nonlinear  analysis.   That  is,  from  Ref .  18, 
Figure  39,  the  maximum  moment  from  the  seismic  loading  was  approxi- 
mately 9000  k-ft. 

Lateral  Analysis 

From  Table  5.3,  the  combined  lateral  stiffness  referred  to 
pier  4  is 

K =  59.3  k/ft 
The  effective  frequency  for  lateral  response  is 

f  =  2^/59.3/105.8 

=  0.119  cps 

From  Figure  5.29  for  this  frequency 

D  =  90  in. 
Ay  =  0.131'g 

For  the  nonlinear  (Case  2)  maximum  horizontal  ground  acceleration 
of  0.5  g  in  the  global  Y  direction,  the  maximum  ground  accelera- 
tion in  the  lateral  direction  at  pier  4  is  0.5  x  cos  18  deg  = 
0.475  g.   The  lateral  seismic  forces  are  derived  from  the  following 
equivalent  lateral  acceleration: 

a  =  0.475(0.131)  g 
=  0.0622  g 

The  calculation  of   the  bending  moment   about   the   longitudinal   axis 
at    the  base  of  pier   4   is    identical    to   the   calculation  of  M ,    as 
determined  above,    except   that  a      is   replaced  by  a    ,    hence, 

M     =  bending  moment   about    longitudinal   axis    at 


x 


base   of  pier  4 

=    -^-     Mv 
ax        y 

=   35,500  k-ft 
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This  compares  with  a  peak  value  of  approximately  42,00.0  k-ft  ob- 
tained from  the  nonlinear  analysis  of  Ref.  18,  Case  2, 

Top  of  Pier  4  Displacements 

The  peak  longitudinal  (x,)  and  lateral  (yj  displacements  at 
the  top  of  pier  4  are 

x4  =  90(0.155)=  14  in. 
=  1.16  ft 

y4  =  90  (0.475)=  42.7  in. 
=  3.56  ft 

Resolving   these  displacements    into   the  global  X,    Y  directions 

X4  =    1.16   cos    18   deg  +   3.56  sin    18   deg 
=    2.24   ft 

Y,    =   1.16  sin   18   deg  +3.56    cos    18  deg 
=    3.75   ft 

These  magnitudes    compare  with  Ref. 18  Figure   34  values    of  X 

=    1.9    ft   and  Y  =    3 . 6   f t .      The  peak  horizontal    displacement   at 

max  r  r 

the   top   of  pier   4  is    obtained   from 


x4  +  4  =   3-75   ft- 

This    is  nearly  identical    to   the   3.70   ft  maximum  horizontal    displace- 
ment  cited   in  Table   15    (Case   2)    of  Ref.   18. 

Expansion  Joint   Number   1  Displacement 

Resolving  the   top  of  pier  4  displacements    (x, ,y4)   with    the 
span   3   direction  yields   the   following   displacement, 

R 
XEJ1  =    X4  cos   ^   +  y4  sin?* 

=   1.64  ft 

where 

x4  =  1.16   ft 

y4  =   3.56  ft 

<t>     =    (9   pier   4)    -    (9   span  3)   =    8   deg 
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The  approximate  longitudinal  seismic  force  to  create  the  displace- 
ment of  the  structure  to  the  left  of  EJ1  is 

F  =  Ma 

where 

M  =  mass  of  spans  1  and  2  plus  effective  mass  of 
piers  2  and  3 

=  75  +  9.9  =  84.9  k-sec2/ft 

a  =  pier  4  equivalent  longitudinal  acceleration 
(0.0165  g)  resolved  into  the  average  span  1 
and  2  longitudinal  direction 

=  (0.0165X32.2)  cos  [-18-0. 5(-54-41) ] 

=  0.462  ft/sec2 

Therefore 

F  =  84.9x0.462 
=  39.2  k 

This  causes  a  displacement  of  spans  1  and  2  of 

4ai  ■  f/kL 

where 

K  =  combined  longitudinal  stiffness  of  the  struc- 
ture to  the  left  of  EJ1  (piers  2  and  3  stiffness) 

=  370  +  158  =  528  k/ft 

Thus 

XEJ1  =   39-2/528 
'  =   0.07   ft 

The  maximum  relative   longitudinal   extension  across   expansion  joint   1 

is 

Y      =  V         Y 

AEJ1  "  AEJ1  "  AEJ1 
=  1.5  7  ft 

For  comparison,  the  nonlinear  analysis  gives  a  value  of  1.40  ft 
(Ref.18  Table  27). 
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Expansion  Joint  Number  1  Displacement  for  Case  with  Strong 
Restrainer  Ties 

If  strong  longitudinal  restrainer  ties  are  used  at  the  expan- 
sion joints,  the  combined  longitudinal  stiffness  of  the  structure 

2 

would  be  obtained  by  adding  the  pier  stiffnesses  (k  cos  9,  in 

Table  5.4)  together  for  all  piers,  there  results, 

K  =  3455  k/ft 
x 

The  corresponding  mass    is    the   sum  of   the  entire  superstructure  mass 

and   the   effective  mass   of   the  piers, 

M  =   358  +  31.1  =   389.1    (k-sec2)/ft 

These  parameters    result    in   a   longitudinal    frequency   of 

f  =   ^V3455/389.1 

=  0.475  cps 

From  Figure   5.29    for  this    frequency,    D  =   42    in.      Following   the 
same   calculations   as   before,    the   longitudinal   displacement  at   the 
top  of  pier   4  for  this   case  is 

x4  =   42  x  0.155   =   6.5    in. 
=    0.54   ft 

The  lateral  stiffness  for  this  case  can  be  obtained  by  assuming 
that  the  expansion  joints  can  transmit  bending  moments  (about  an 
axis  normal  to  the  superstructure  deck).   Thus,  the  values  in 
Table  5.2  are  all  based  on  C-,  =  12  and  the  lengths  (&)  for  spans  3, 
4,  6,  and  8  are  the  distances  between  the  piers,  thus 


I 

k 

y 

1000 

Span 

k     oos   9, 

y            4 

3,4 

191   ea 

5,190 

0.  20   ea. 

6 

150 

10,700 

0.11 

8 

166 

7,880 

0.45 
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Using    these  values   in  Tables    5,2   and  5?3   the    sum     of   the   flexi- 
bilities   (times    1000)   becomes   14,9   and  the   equivalent    lateral 
stiffness    is 

K     =   1000/14.9   =    67  k/ft 

y 

The   corresponding  mass   is    the  same  as   used   for   the    longitudinal 
analysis,    M  =   389.1.      The    lateral    frequency  becomes 


f  =   27  /67/389.1  =   0.066  cps 


For   this   frequency,    the   lateral   displacement   is    the   same  as  before, 
i.e.,    y,    =    3.56    ft.      With   these  magnitudes    of  X/    and  y,,    the  maxi- 
mum separation   of   expansion  joint   1    is    (neglecting   the  small   dis- 
placement  of   spans    1  and   2   at   the  joint) 

XEj-,    =   0.54   cos$  +   3.56   sin$ 
"  =    1.03    ft 

This  compares  favorably  with  values  of  1.21  (Case  1)  and  0.91 
(Case  5)  in  Table  27  Ref.  18   Both  of  these  cases  incorporate 
strong  ties  and  0.5  g  maximum  horizontal  ground  acceleration  in 
the  global  Y  direction.   Case  1  also  includes  a  peak  vertical  ac- 
celeration of  0.3  g. 
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FIGURE  5.1   EXPANSION  JOINT  FINITE  ELEMENT  MODEL 
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FIGURE    5.2      NONLINEAR,    COMPOSITE  MATERIAL   THREE-DIMENSIONAL    BEAM 
FINITE   ELEMENT    (USED   FOR  REINFORCED   CONCRETE   BEAMS) 
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A.   Assumptions  in  the  derivation  of  lateral  stiffness  (K' ) 


E 


K  x  l-h-\  *2 
— ED 


M2X2 


'K^X^ 


K3X3 


/     K3      \    *3 


M3X3 


K- 


iiiiiiii 


'K.Q  A^ 


Assume    that    due    to   the  motion  of  M,    a   force  of  K2X2 


on  M2 ,    then 


or 


Mou^  t  K.^X«    —    K^X^    i  *jr 


1  +  K2~/ 


1K1  +  K2/ 


Is  exerted 


M2X 


X2  +K2X2    (l  -  K^Kj)  =  M2X2  +    T^TT  *2  *  0 


K1     Kj, 


Ko  = 


Similarly     M,X, +  K,X,  =  K.X, 


2  "   JL_  +  _1_     -"•""■""-'■J'      -3-3  ■  -3-3  -   ^3-3^k2 
Kl     K2 


px3/ 


k;  = 


3      \  +  ±~  JL+JL+1. 

K2     K3       Kl     K2     K3 


B.      Equivalent  longitudinal  stiffness    (K) 


rigid 


K  -   KL  +  K2 


^3 

r-AAAV-i 

K  = 

7 

1 

1       +   1 
Kl+K2     ^3 

C.      Equivalent  component   stiffness 


A*. 


Fx  =  F   cos   9  =  KA  cosO 

2 
=   K  Ax  cos   9   =  KyAy 


*       K^  =   K  cos^9 


Figure    5.31     EQUIVALENT  STIFFNESSES   DERIVATION 
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TABLE   5.2.  -SUPERSTRUCTURE  PARAMETERS 
SAN  FERNANDO   5/14   SOUTH  CONNECTOR 


Spans 


(ft2) 


(k/ftz) 


I 
(ft4) 


1,2,5,9 
3,4,6,7,8 


56.3 
60.9 


490x10" 
524xl0; 


5443.2 
5722.0 


Span 


(ft) 


ic 


(ft) 


1 


k  9  M  =  A  I    p 

y  2 

(k/ft)       (deg)      (k-sec   /ft) 


1  137               137  12  12,500 

2  144  +  14=158  12  10,700 
3,4  177              177  3  1,640 

5  100+^27=127  12  32,000 

6  137              137  3  3,500 

7  137      137  12  14,000 

8  151      151  3  2,640 

9  133+15=148  12  13,700 


-54 
-41 

35 

40    J 

•75 

-26,- 

-9  48.5x2  =   97 

3 

32 

14 

37.5^ 

1 

27 

37.5 

►U6.5 

41 

41.  sj 

54 

37.5 

s  = 

358 

V 


=    C1   EIz/JT 

includes   overhang   to  hinge 
line    for  spans    2,    5   and   8 


P     =   0.145/32.2 


i<z.t~    L-H 
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TABLE  5.3.  -COMBINED  LATERAL  STIFFNESS  (REFERRED  TO  PIER  4) 


Pier 

94 
(deg) 

cos    9, 
4 

(k/ft) 

k      cos   9, 
y            4 

1000 

ky  cos   94 

2 

-30 

0.75 

1400 

1050 

0.95 

3 

-17 

0.92 

418 

384 

2.60 

4 

0 

1.00 

177 

177 

5.65 

5 

17 

0.92 

418 

384 

2.60 

6 

26 

0.81 

3460 

2800 

0.26 

7 

39 

0.61 

7200 

4400 

0.27 

8 

52 

0.38 

10700 

4070 

0.25 

9 

66 

0.17 

25900 

4400 

0.23 

Span 

1 

-36 

0.66 

12500 

8250 

0.12 

2 

-23 

0.85 

10700 

9100 

0.11 

3 

-   8 

0.98 

1640 

1610 

0.62 

4 

9 

0.98 

1640 

1610 

0.62 

5 

21 

0.87 

32000 

27800 

0.03 

6 

32 

0.85 

3500 

29  80 

0.34 

7 

45 

0.50 

14000 

7000 

0.14 

8 

58 

0.28 

2640 

740 

1.35 

9 

72 

0.10 

13700 

1370 

0.73 

E  =   16.87 

Lateral   stiffness  =    1000/16.87  =59.3  k/ft 
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TABLE  5.4.  -COMBINED  LONGITUDINAL  STIFFNESS  (REFERRED  TO  PIER  4) 


Pier 

cos    9 , 

kz 
(k/ft) 

2 
k     cos    9/ 
z               4 

E 

1000 

E 

2 
3 

0.75 
0.92 

370 
158 

277\ 
145  J 

422 

2.37 

4 

1.00 

67 

67 

67 

14.90 

5 
6 

0.92 
0.81 

158 
624 

145  \ 
505  J 

650 

1.54 

7 

8 

0.61 
0.38 

1300 
1920 

794  ^ 
730  J 

1524 

0.66 

9 

0.17 

4660 

792 

792 

1.26 

3455 

E  =   20.73 

Longitudinal  stiffness  =  1000/20.73  =  48.3  k/ft 
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6.   RETROFIT  CONCEPTS 

The  retrofit  concepts  described  herein  are  presented  primari- 
ly in  regard  to  a  particular  type  of  bridge  (i.e.  ,  steel  girder, 
reinforced  concrete  box  girder,  etc.).   This  does  not  imply  that 
use  of  the  concepts  is  limited  to  the  specific  examples  shown. 
Rather,  with  some  modifications,  they  may  be  incorporated  (when 
appropriate)  into  any  number  of  different  types  of  bridges. 

In  determining  whether  a  given  bridge  warrants  retrofitting 
these  three  steps  (as  a  minimum)  should  be  considered: 

(A)  Will  the  bridge  suffer  a  critical  failure  (i.e.  ,  so 
extensive  that  the  bridge  could  not  remain  in  even  emer- 
gency use)  if  subjected  to  the  probable  earthquake  load- 
ing for  that  bridge  site.   If  the  analysis  provides  a 
negative  answer  to  the  question  one  need  go  no  further. 
If  the  answer  is  affirmative  the  second  step  is  -- 

(B)  Determine  the  level  of  importance  of  the  bridge  to 
the  given  locality  by  considering  the  type  of  highway, 
traffic  volume,  and  accessibility  of  other  crossings. 
If  it  is  determined  that  the  bridge  is  unimportant  to 
the  locality,  it  may  be  decided  that  retrofitting  is  not 
feasible  even  though  the  answer  to  (A)  was  affirmative. 
If  however,  it  is  decided  that  the  bridge  is  important 
to  the  area,  the  third  step  is  -- 

(C)  Determine  the  type  or  types  of  retrofit  measure (s) 
to  employ.   This  decision  is  based  on  the  following  con- 
siderations : 

(1)  mode  of  failure; 

(2)  how  will  the  chosen  retrofit  measure (s)  in- 
fluence the  performance  of  other  parts  of 
the  bridge  under  seismic  as  well  as  normal 
service  loadings ; 

(3)  a  comparison  of  expected  interference  with 
traffic  flow  on  and  under  the  bridge  for 
different  retrofit  measures ; 
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(4)  a  comparison  of  expected  costs  of  fabrication 

and  installation  of  different  retrofit  measures. 
This  comparison  is  based  on,  but  not  necessarily 
limited  to: 

»   accessibility  of  the  area  to  be  retrofitted 
(e.g. ,  it  would  be  much  more  costly  to  en- 
large a  footing  if  the  existing  footing  were 
underwater  as  opposed  to  normal  backfill  on 
dry  land)  . 

•  the  type  and  quantity  of  materials  chosen 
(e.g.,  type  of  steel,  concrete,  etc.) 


•  type  of  equipment  needed  for  installation; 
this  actually  goes  hand  in  hand  with  area 
accessibility  since  there  is  probably  a  di- 
rect correspondence  between  the  degree  of 
difficulty  in  gaining  access  and  the  elab- 
orateness of  the  equipment  needed. 

•  length  of  time  needed  for  installation  (this 
also  depends  on  area  accessibility) 

•  the  number  and  qualifications  of  men  needed 
to  do  the  work  (again  depends  to  a  degree 
on  area  accessibility). 

Steps  (A),  (B) ,  and  (C)  must  be  thoroughly  examined  since  in 
some  cases  large  amounts  of  money  and  possibly  some  lives   are 
invo lve  d . 


6.1   Relative  Longitudinal  Motion  Restrainers 

The  purpose  of  a  longitudinal  motion  restrainer  is  to  restrict 
relative  longitudinal  separation  between  superstructure  components 
at  hinges  and  bearings. 

6.1.1  Steel  Girder  Bridge  Longitudinal  Motion  Restrainer  — 
This  type  of  restrainer  (Figure  6.1)  consists  of  high  strength 
steel  bolts  connecting  two  spans  with  provision  for  normal  service 
expansion  and  rotation  at  fixed  or  expansion  bearings.   The  size 
and  number  of  restrainer  units  required  can  be  determined  once  the 
magnitude  of  the  longitudinal  earthquake  loading  has  been  deter- 
mined from  analysis.   If  we  denote  this  loading  by  P  and  the  allow- 
able stress  in  the  bolts  by  a  (a  is  known  once  the  bolt  material 
has  been  chosen) ,  then  A  =  P/a  where  A   is  the  total  bolt  area 
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at  the  support.   The  number  of  res  trainer  units  will  then  be  the 
most  practical  and  feasible  number  resulting  in  a  total  cross- 
sectional  area,  A  .   The  manner  of  installation  would  depend  on  the 
details  of  a  particular  bridge.   Typically,  for  steel  girder  bridges, 
the  number  of  girders  for  different  spans  is  the  same  and  the  gir- 
ders lie  in  straight  lines.   Installation  would  involve  cutting  or 
burning  a  hole  through  the  end  stiffeners  of  opposing  girders, 
welding  or  bolting  a  channel  (the  same  width  as  the  stiffener  and 
having  a  preformed  hole)  to  the  stiffeners  (and  possibly  the  web) 
and  finally  installing  the  bolts  and  associated  elastic  and  steel 
washers  and  nuts  as  shown  in  Figure  6.1.   The  size  of  the  gap  should 
be  such  that  normal  motion  is  allowed.   Also,  since  normal  rotations 
should  not  be  restricted,  the  holes  in  the  channels  and  the  stiff- 
eners should  be  slotted  in  the  vertical  direction.   Although  it  will 
not  always  be  necessary  for  all  the  girders  to  be  connected  by  re- 
strainer  units,  it  would  be  advisable  to  employ  two  units  per   re- 
strained girder,  one  on  each  side  of  the  web,  and  to  locate  the 
pairs  of  restrainer  units. symmetrically  to  allow  for  a  symmetric 
transfer  of  the  load.   An  alternative  to  attaching  the  restrainer 
units  to  the  end  stiffeners  of  the  girders  would  be  to  install  them 
between  the  end  diaphragms  of  opposing  girders.   This  may  also  re- 
quire stiffening  of  the  end  diaphragms,  i.e.,  bending  stresses  in 
the  diaphragms  should  be  checked. 

Installation  of  this  retrofit  measure  in  an  existing  bridge 
would  cause  minimal,  if  any,  traffic  interference,  but  the  accessi- 
bility of  the  support (s)  must  be  kept  in  mind  when  considering  the 
feasibility  of  these  units. 

6.1.2  California  Hinge  Res  trainers  (Ref .  19  )  —Restrainer  unit 
type  CI  (Figure  6,2)  is  employed  on  hinges  having  diaphragms  too 
weak  to  withstand  the  longitudinal  loading  applied  through  the  re- 
straining cables.   Reinforced  concrete  bolsters  with  preformed  6  in. 
diameter  holes  are  bonded  to  each  side  of  the  hinge  for  the  full 
width  of  the  bay  to  increase  the  strength  of  the  diaphragms.   A  6  in. 
diameter  hole  is  cored  through  the  hinge  9  in.  on  each  side  of  the 
longitudinal  centerline  of  the  unit.   Seven  3/ 4- in.  cables  are  then 
passed  through  these  holes  and  anchored  as  shown  in  Figure  6.2. 
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Restrainer  unit  type  C2  (Figure  6.3)  also  employs  seven  3/4- in. 
cables  passed  through  a  6  in.  galvanized  pipe  to  restrict  relative 
longitudinal  motion  at  a  hinge.   It  is  used  on  hinges  with  dia- 
phragms thick  enough  to  allow  for  anchorage  of  the  unit  (incorporat- 
ing several  types  of  expansive  materials)  directly  to  the  outside 
faces  of  the  diaphragms  on  each  side  of  the  hinge. 

Restrainer  type  CI  provides  a  small  gap  between  the  nuts  on 
the  cables  and  the  bearing  plates  attached  to  the  bolster  to  allow 
for  normal  service  expansion  whereas  type  C2  uses  a  combination  of 
several  types  of  expansive  materials  (Figure  6.3).   Both  units  re- 
quire that  access  holes  be  either  existing  or  cut  into  either  the 
deck  or  the  soffit,  hence  interference  with  traffic  may  be  required 
during  the  installation  of  either  unit.   For  both  cases,  the  number 
of  units  at  a  hinge  can  be  determined  from  the  requirement  that  the 
longitudinal  force  (determined  from  analysis)  due  to  earthquake 
loading  must  be  resisted  in  tension  across  the  hinge. 

Figure  6.4a  depicts  the  California  restrainer  unit  type  2A. 
Although  this  unit  is  designated  as  a  detail  for  new  construction, 
there  may  be  situations  where  it  would  be  feasible  to  incorporate 
this  type  of  restrainer  into  an  existing  bridge.   The  3/4  in. diam- 
eter cables  run  through  2  in.  diameter  PVC  pipes  from  one  side  of 
a  hinge  to  a  neighboring  bent  cap  where  they  are  anchored.   The 
design  capacity  per  cable,  including  a  33  percent  overstress  allow- 
ance, is  28.5  kips.   The  amount  of  energy  a  restrainer  can  absorb 
is  proportional  to  the  cable  unit  length.   A  minimum  length  of  20  ft 
is  recommended.   A  25  ft  cable  will  stretch  approximately  2  in .  at 
design  capacity.   If  it  is  necessary  to  use  lengths  longer  than 
25  ft,  two  options  are  available:   (1)  increase  the  number  of  cables 
by  the  ratio  of  the  actual  length  used  to  25  ft  (which,  in  effect, 
decreases  the  working  stress  in  the  cables  and  limits  the  elonga- 
tion to  2  in.),  or  (2)  provide  details  to  accommodate  an  elongation 
equal  to  2  in.  times  the  above  ratio. 

If  the  distance  between  the  hinge  and  the  neighboring  bent  is 
less  than  20  ft,  restrainer  unit  type  2B  (Figure  6.4b)  may  be  used. 
The  difference  between  type  2B  and  2A  is  that  in  the  case  of  unit  2B 
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a  new  diaphragm  is  constructed  for  the  full  height  of  the  girder 
on  the  side  of  the  hinge  opposite  the  bent  cap  at  a  distance  of  ap- 
proximately 25  ft  from  the  cap  (out  to  out).   The  cables  are  then 
anchored  at  the  outside  faces  of  the  bent  cap  and  the  new  diaphragm. 
This  approach  introduces  the  difficulty  of  constructing  the  addi- 
tional diaphragm  which  may  not  be  feasible  for  an  existing  bridge. 

The  cable  anchor  nuts  are  initially  torqued  to  45  ft- lbs  (per 
nut)  thus  stressing  the  cables  to  2 . 7  kips  and  removing  excessive 
slack.   The  anchor  nuts  should  then  be  backed  off  an  amount  equal 
to  the  maximum  normal  service  expansion  expected,  and  the  threads 
peened. 

An  advantage  that  res  trainer  unit  type  2  has  over  CI  and  C2 
is  that  it  provides  considerably  more  ductility  thus  absorbing 
some  of  the  energy  imparted  to  the  structure  by  the  seismic  loading. 
Access  holes  would  be  required  to  install  restrainer  unit  type  2, 
possibly  more  than  required  for  unit  types  CI  and  C2 ,  hence  the 
problem  of  traffic  interference  may  be  more  prominent  than  for 
types  CI  and  C2. 

6.2  Vertical  Motion  Restrainers 

The  purpose  of  a  vertical  motion  restrainer  is  to  prevent  the 
superstructure  from  lifting  off  the  support  bearings  in  the  event 
of  seismic  loading  with  a  strong  vertical  component. 

6.2.1  Cable  Superstructure  Uplift  Res  trainer  -  Figure  6.5  depicts 
a  method  of  restraining  the  superstructure  of  a  simply  supported 
steel  girder  bridge  span  against  lifting  off  the  bearings  at  a  pier 
or  bent  by  employing  high  strength  steel  cables  to  connect  the 
superstructure  to  the  substructure.   There  are  a  variety  of  approaches 
to  connecting  the  cables  to  the  superstructure.   The  approach  shown 
in  Figure  6.5  would  require  the  removal  of  a  small  portion  of  the 
deck  in  the  area  where  a  cable  connection  to  the  top  flange  is  to 
be  located.   This  will  also  ensure  that  no  reinforcing  bars  are  go- 
ing to  be  in  the  way.   Holes  slightly  larger  than  the  cable  diam- 
eter are  drilled  directly  in  line  through  the  top  and  bottom  flanges. 
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The   cable    is    then   inserted   through    these  holes    and  connected  to 
the    flanges  with   anchorage   devices.      As    an   example,    an   extra 
heavy   duty   stud  end   fitting   could  be  used  at   the    top    flange,    and 
an    extra  heavy    duty    coupling    fitting  at   the  bottom  flange.      Once 
the    cable    length  between   the    top    and  bottom   flanges    is    installed, 
the    deck  openings    can  b,e    filled.       It  may  be    desirable   to   provide 
permanent   access    to   the   cable  anchorage   for  periodic   inspection. 
Stiffeners    should  be  welded   to    the  web    and   flanges    on   each   side 
of   the   cable    thus    increasing    the   strength   of   the  web    and   the   flanges 
in   the  neighborhood  of  the    cable.      An   alternative  which  may  be  more 
favorable  would  be   to  weld  a  plate  or  angle,   with   a   fitting  at- 
tached  to   it   for   connection   of    the    cable,    to   the  web    and  bottom 
flange    (and  possibly    the   top   flange) .      This  would  not   require   any 
work  on   the  bridge    deck,    hence    causing  no   interference  with   traffic 
flow,    but   there   exists    the  possibility  of   introducing   fatigue 
stresses    from  normal  service    loads    into   the  web  which    could   lead 
to  serious    consequences. 

Two  possibilities    are    depicted  for   connecting   the   cables    to   the 
support.      The    first   is    to   drill    into    the    footing  to  a   depth  suffi- 
cient  to   develop    the   strength  of   the   connection   and  insert    the   cable 
connected   to   an   extra  heavy    duty   stud   end   fitting  with   a   swedging 
device   connected   to    it,    and   then    fill  with   grout    (Refs . 20   and   21). 
If   the  pier  were   of   the  wall  type,    a  hole    could  be   drilled  through 
it    (keeping   in  mind   the   longer    the   cable    the  more   ductile   it  will 
be)    and  steel   saddles    (used   to  prevent  kinking   of   the    cable)    in- 
serted and  bonded   to   the   concrete   on  each   side    of   the  hole.      The 
cable   could   then  be   passed   through   and  snugged  up   against   the  pier. 
If   the   pier   is   not   a  wall    type  pier,  but   a    column  bent   or  an   open 
pier  with  a  pier   cap,    the  steel   saddles    could  be    inserted  and 
bonded  into  notches    in   the    lower   edge   of   the   cap.       This    last   possi- 
bility  appears    to  be   the  most    favorable   since    it  would  most    likely 
require    the    least   amount   of  material   and   labor. 

The  size   and  number   of   cables    required  at   a   support    is  based 
on   the  requirement    that   all   the   cables    combined    (be   there    two  or   ten) 
are   able    to    take   a   tensile    load   of   10   percent   of    the    dead   load  re- 
action  at    that   support    (this    is   based   on   the   current   Japanese 
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seismic   design    code).      Knowing   the    typei  of  material   to  be  used  for 
the    cables    (i.e.,    high   strength   steel),    the    total  area   of  cable 
needed   is    determined   from 

A_  =   0.1  R/a 
t  avg 

where 

R    =  the  dead  load  reaction 

a    =  the  allowable  stress  in  the  cables, 
avg 

This  result  is  used  to  determine  the  number  and  size  of  cables 
needed  based  on  the  practical  combination  of  a  certain  size  and 
number  of  cables. 

6.2.2  Uplift  Restrainers  at  Bearings  —A  typical  fixed  bearing 
of  a  steel  girder  bridge  with  a  hook  type  of  restraint  against  up- 
lift is  depicted  in  Figure  6.6.   The  "hook"  could  be  manufactured 
from  an  angle  with  a  bar  welded  to  the  interior  of  one  of  the  legs. 
Installation  of  the  device  would  involve  welding  a  "shear"  bar  to 
the  bolster  of  the  bearing  assembly  and  welding  the  hook  to  the  top 
of  the  bottom  flange  of  the  girder  resting  on  the  bearing.   The  lo- 
cation of  the  shear  bar  on  the  bolster  is  governed  by  the  necessity 
for  clearance  allowing  for  normal  service  rotations ,  and  any  other 
necessary  clearances.   For  example,  the  hook  should  never  come 
into  contact  with  the  anchor  bolt  during  normal  service  motion. 
The  size  and  number  of  hooks  employed  is  governed  by  the  require- 
ment that  the  total  number  of  hooks  at  a  support  shall  resist  a 
tensile  load  of  not  less  than  10  percent  of  the  dead  load  reaction 
at  that  support. 

Figure  6.7  depicts  an  approach  to  the  modification  of  a  steel 
girder  bridge  expansion  bearing  for  restraint  against  uplift.   Re- 
moval of  the  existing  anchor  bolt  nuts  and  replacement  with  rod 
coupling  hexagonal  nuts  is  required.   Slotted  plates  (slots  are  to 
allow  for  normal  service  motion)  are  welded  to  the  top  of  the  bot- 
tom flange  of  the  girder  resting  on  the  bearing  and  high  strength 
steel,  doubly  threaded  rods  passed  through  the  slots  and  connected 
to  the  coupling  nuts.   Conventional  hexagonal  nuts  are  then  loosely 
tightened  onto  these  bolts,  which  means  finger  tightened  with 
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approximately   an   additional   one-eighth    to  one-quarter   turn.      This 
retrofit   measure    can    obviously  be   employed   in   a   similar  manner   for 
a    fixed  bearing. 

A   typical  California   concrete  box   girder  bridge   expansion 
bearing,    modified   for   restraint   against  uplift    is    shown   in   Figure   6.8 
The  modification   involves    the  welding    of  a  plate,    slotted  to    allow 
for  normal   service  motion,    to   each   side   of   the  rocker.         The    four 
head   cap  bolts    (two   on   each    side)    which   secure    the    lateral   re- 
straint  plates    to    the   sole  plate    are  removed   and  replaced  by  longer 
bolts   which   are   inserted  through    the   slotted  plate   and  then  bolted 
to   the   sole   plate.       Provision  must  be  made    (such   as    an   extra  nut   on 
the  new  bolts)    so    that    the   lateral  restraint   plate   can  be  rebolted 
to   the   sole  plate.       The    four  head  cap  bolts    securing   the    lateral 
restraint   plates    to  the  bottom  plate   remain   unchanged.       The    two 
anchor  bolts    (one   on   each   side   of   the  bolster)    can   then  be   connected 
to   the   slotted  plates    similarly   as   shown   in   Figure    6.7.      For   the 
retrofit  measures    illustrated  in  Figures    6.7   and   6.8   it  would  be 
convenient   and  probably   adequate   to  use   replacement  bolts    of    the 
same   diameter   as    those   removed.      The  number   of  bearings   needing  mod- 
ification  can  be   determined   from   the   requirement   that   all   the   replace- 
ment bolts    combined  at   a   support   resist   a   tensile    loading   of   10   per- 
cent   of   the   dead   load  reaction   at    that   support.       The   size   of   the 
slotted   plate   and  welds    discussed  above   can   also  be    determined   from 
this    requirement. 

Incorporating   any   of   these    three  bearing  modifications    into 
an   existing  bridge   should   result    in   little   or  no   interference  with 
traffic   on   or  underneath    the  bridge.       Some   considerations    as    to 
their   applicability    for   an    existing  bridge    are    the   accessibility 
and   condition   of  the  bearings . 

6.3      Steel  Girder  Hinge  Res  trainer 

The  purpose   of   a  hinge   res  trainer   is    to   restrict   relative  ver- 
tical  and   lateral  motion   at  hinges   of  steel   girder  bridges.      An 
approach    to  restraining   relative  vertical   and   lateral  motion   at   a 
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steel  girder  bridge  hinge  is  depicted  in  Figure  6.9.   Relative 
vertical  motion  is  restricted  by  two  plates,  one  welded  to  the 
left  girder,  the  other  welded  to  the  right  girder  (Figure  6.9). 
If  liftoff  of  the  left  girder  from  the  right  begins  to  occur  the 
two  plates  bear  against  each  other  preventing  it.   This  also  pre- 
vents relative  longitudinal  motion  since  the  two  girders  will  not 
be  able  to  part  enough  to  clear  the  pin.   Hence,  the  pin  combined 
with  the  vertical  restraint  plates  results  in  adequate  longitudinal 
restraint . 

Relative  lateral  motion  restriction  is  accomplished  by  four 
angles,  two  bolted  to  the  bottom  flange  of  the  left  girder  (one  at 
each  side  of  the  web)  and  two  bolted  to  the  top  flange  of  the  right 
girder  (one  on  each  side  of  the  web).   If  the  angles  were  bolted 
on  the  sides  opposite  to  those  shown,  it  would  appear  that  they 
would  serve  to  restrict  both  relative  vertical  and  lateral  motion, 
thus  not  requiring  the  vertical  restraint  plate.   The  flanges,  how- 
ever, are  quite  flexible  and  should  not  be  relied  upon  to  develop 
the  strength  necessary  to  resist  relative  vertical  motion  unless 
they  can  be  adequately  and  conveniently  stiffened.   The  number  of 
girders  to  be  equipped  and  size  of  the  vertical  restraint  plates 
can  be  determined  from  the  requirement  that  10  percent  of  the  dead 
load  reaction  at  the  hinge  must  be  resisted  (i.e. ,  approximately 
one-half  the  weight  of  a  suspended  span).   The  size  and  number  of 
the  angles  and  bolts  needed  for  lateral  restraint  will  be  known  once 
the  lateral  force  has  been  determined  from  analysis. 

The  only  problem  which  may  arise  in  the  implementation  of  this 
retrofit  measure  into  an  existing  bridge  would  be  the  accessibility 
of  the  hinge.   Traffic  interference  should  be  minimal. 

6.4   Strengthening  of  Supporting  Structures 

The  purpose  of  strengthening  supporting  structures  is  to  in- 
crease the  flexural,  axial  and  shear  resistance  of  an  existing 
pier  or  bent  against  strong  motion  seismic  loading. 
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6.4.1  Strengthening  of  Reinforced  Concrete  Column  —  Shown  in 
Figure  6.10  is  an  approach  to  increasing  the  seismic  resistance 

of  an  existing  reinforced  concrete  column.   Additional  longitudinal 
reinforcement  is  added  to  the  exterior  of  the  column  and  inserted 
into  holes  drilled  into  the  bent  cap  and  footing.   The  holes  are 
then  filled  with  grout.   The  depth  of  the  penetration  of  the  added 
bars  into  the  cap  and  footing  must  be  great  enough  for  the  strength 
of  the  connection  to  be  developed.   Ties  are  added  up  and  down 
the  length  of  the  column  increasing  the  column's  shear  resistance 
to  seismic  loading.   The  additional  reinforcement  is  then  bonded 
to  the  column  with  gunite  (see  Appendix  E) .   It  may  also  be  feasi- 
ble to  add  dowels  (using  a  drilling  and  grouting  procedure)  from 
the  top  of  the  column  into  the  bent  cap  and  the  base  of  the  column 
into  the  footing. 

Implementation  of  this  retrofit  measure  on  an  existing  bridge 
would  cause  interference  with  traffic  on  the  bridge  as  well  as 
with  traffic  under  the  bridge  if  it  spanned  a  highway.   If  the 
bridge  spanned  a  body  of  water,  it  would  probably  not  be  feasible 
to  employ  this  measure. 

6.4.2  Addition  of  Columns  to  Cantilever  Bents  -  Figure  6.11 
shows,  in  a  very  simplified  fashion,  the  addition  of  two  new  col- 
umns to  a  typical  cantilever  bent,  such  as  the  types  which  are 
common  in  California  box  girder  bridges.   The  longitudinal  rein- 
forcement of  the  new  columns  should  be  extended  well  into  the 
existing  cap  by  a  drilling  and  grouting  procedure.   If  required, 
and  feasible,  piles  should  be  driven  and  anchored  to  the  new  foot- 
ings, to  obtain  good  shear  and  moment  resistance  at  the  pile  to 
footing  connections. 

6.4.3  Footing  Enlargement  -Figure  6.12  depicts  the  application 
of  the  concept  of  enlarging  a  pile  footing  and  adding  extra  piles 
to  bent  3  of  Bridge  3  considered  in  this  report.   The  purpose  of 
this  retrofit  measure  is  to  increase  the  shear  strength  of  the 
bent  foundation  by  the  addition  of  extra  piles. 
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After  excavation  of  the  backfill,  the  top  and  edges  of  the 
existing  footing  should  be  roughened,  and  the  ends  of  the  footing 
reinforcement  exposed.   The  additional  piles  should  be  driven  and  if 
possible,  they  should  be  battered.   Steel  H-piles  would  be  preferable 
over  concrete  piles  since  they  would  give  the  pile  group  some  tensile 
strength,  and  would  also  allow  for  more  effective  placement  of  the 
reinforcement  of  the  footing  addition.   Good  anchorage  of  the  new 
piles  into  the  footing  addition  is  desired,  particularly  if  concrete 
piles  are  used,  hence  the  embedment  of  the  new  piles  into  the  footing 
addition  should  be  approximately  10  to  12  in.   If  this  is  not  prac- 
tical, however,  some  type  of  anchoring  device  could  be  installed  in 
the  top  of  the  piles.   The  additional  reinforcement  should  be  butt 
welded  or  coupled  (depending  on  the  type  of  reinforcement,  and  the 
amount  of  existing  reinforcement  exposed)  to  the  exposed  ends  of  the 
existing  reinforcement.   Many  older  bridges  have  footing  reinforce- 
ment with  hooked  ends.   For  these  bridges  considerably  more  labor  is 
required  to  either  straighten  the  ends  of  these  bars,  or  to  lap  the 
new  reinforcement  with  the  old.   Both  approaches  would  require  the 
exposure  of  more  of  the  existing  reinforcement  than  if  the  ends  were 
straight.   This  must  be  considered  when  the  feasibility  of  footing 
enlargement  is  indicated. 

Implementation  of  this  retrofit  measure  would  cause  interference 
with  traffic  on  the  bridge  and  depending  on  the  location  of  the  sup- 
port and  span  length,  could  cause  difficulties  with  traffic  under- 
neath the  bridge  if  the  bridge  were  over  a  highway.   If  the  footing 
were  submerged  in  water,  employment  of  this  retrofit  measure  would 
probably  be  too  costly  to  be  practical. 

For  any  of  the  above  three  methods  of  strengthening  supporting 
structures,  the  amount  and  placement  of  additional  material  required 
can  be  determined  once  the  potential  earthquake  loading  has  been  de- 
termined from  analysis . 

Traffic  interference  during  implementation  of  any  of  these 
three  concepts  cannot  be  avoided  since  each  requires  the  placement 
(by  pouring,  grouting  or  shotcreting)  of  new  concrete.   If  a  bridge 
on  which  one  of  these  retrofit  concepts  was  being  incorporated 
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remained  in  service  during  implementation,  vibration  caused  by 
traffic  could  cause  cracks  and  irregularities  in  the  new  concrete. 
Hence  the  bridge  should  be  shut  down  during  the  work,  and  until 
the  concrete  has  cured.   Employment  of  a  high  early  strength  con- 
crete would  therefore  be  a  worthwhile  consideration.   This  is  true 
for  the  three  mentioned  retrofit  measures,  and  for  any  which  re- 
quires the  placement  of  new  concrete. 

6.5   Enlargement  of  Bearing  Area 

The  purpbse  of  enlarging  the  bearing  area  is  to  provide  extra 
bearing  width  at  a  support  in  the  event  that  strong  motion  seismic 
loading  causes  a  span  to  fall  off  of  the  bearings  at  that  support. 

A  method  of  widening  the  bearing  area  at  an  abutment  or  bent  is 
shown  in  Figure  6.13a.   Holes  are  drilled  into  the  existing  support 
to  a  depth  necessary  to  develop  the  strength  of  the  connection.   The 
side(s)  of  the  support  (just  the  area  to  which  the  extra  concrete  will 
be  added)  is  roughened  for  better  bonding  of  the  new  concrete  to  the 
old.  The  additional  reinforcement  is  then  inserted  and  grouted  into 
the  holes, forms  are  not  in  place  and  the  new  concrete  poured. 

As  an  alternative  to  this  type  of  bearing  widener,  Figure  6.13b 
shows  a  "stopper"  which  would  hook  onto  a  beam  attached  to  the  super- 
structure in  the  event  of  large  longitudinal  displacements  caused 
by  strong  earthquake  loading.   The  stopper,  a  beam  or  a  beam  gril- 
lage, would  be  attached  to  the  support  by  anchor  bolts  drilled  and 
grouted  into  the  support. 

Figure  6.14  depicts  another  bearing  area  widening  scheme  applic- 
able, however,  only  at  interior  supports  (piers  or  bents).   A  steel 
beam  is  attached  to  each  side  of  the  bent  cap  by  drilling  and  grout- 
ing of  anchor  bolts  into  the  bent  cap.   Steel  beam  cross  tiers  are 
welded  to  this  beam  to  increase  the  strength  of  the  assemblage. 

The  extra  bearing  width  needed  for  a  bearing  widening  scheme  to 
be  successful  is  known  once  the  longitudinal  displacements  at  the 
support  have  been  determined  from  analysis.   The  feasibility  of  im- 
plementing any  of  the  three  retrofit  measures  on  an  existing  bridge, 
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depends    largely   on   the   accessibility   of    the  bearing  seats    at   the 
abutments,    and   the  pier   or  bent    caps.       Interference  with   traffic 
on  the  bridge  should  be  minimal,    but   if   the  bridge    is    over   a 
highway,    interference  with   traffic   under   the  bridge  would  be    ex- 
pected. 

6.6  Removal  of  a  Hinge 

In   Figure   6.15   an   approach    for   the  removal   of   an   expansion 
hinge   as    applied   to  Bridge    3    in    this    report    is    depicted.      The 
purpose   of   this    retrofit   measure    is    to   achieve   a    distribution   of 
the    longitudinal   earthquake    loading   to    the   substructure   components 
of   the  bridge.      The   expansion   joint    filler   is    removed  and   replaced 
with   grout.      High   strength   steel  bolts    are   passed   through    cored 
holes   near   the   outside   edges    of   the  outer  bays    (one  bolt   per  bay). 
Distributing   the  bolt   in   this   manner  will  provide   more   resistance 
against    torsion   and  bending   about    the   strong   axis    of   the   super- 
structure   than  would  be   provided  were   they    located  nearer   the 
longitudinal   centerline   of   the   deck.      The    longitudinal   earthquake 
loading   is    determined   from  analysis.      Once   this    is   known,    the  number 
and  size   of  the  bolts   needed   can  be   determined  from  A     =    P/a  where 
A     =    the   total   area   of   the  bolt,    P  =    longitudinal    load,    and 
a  =   allowable   stress    in   the  bolts  which   can  be   determined  once 
the  bolt  material  has   been   decided  upon.      With  A     known,    the  number 
and  size   of   the  bolts    is    determined  by    considering  what    combination 
is   most   practical.      The  nuts    on    the  bolts   should  be   tightened  so 
that   all   out-of-plane   irregularities    in    the  washers,    etc.,    have 
been   removed,    and  then   tightened. an   additional   one-quarter   turn 
so    that   the  bolts   have   a   slight   preload. 

The  major   longitudinal   reinforcement    in    the   upper    and   lower 
flanges    at  the   outer  webs    should  be   exposed   at   the  hinge.      The 
exposed  ends    of   the  reinforcing  bars    should  then  be    connected 
through   a   short  bar    of    the  same  size  by  butt  welding,    coupling,    or 
splicing   of   the  ends . 

An   alternate   approach   is    that   depicted  in   Figure   6.16.       It 
again   involves    removal   of   the  expansion   joint   filler   and  replace- 
ment with   grout  but    in    lieu  of    the  steel  bolts    and   the   connecting 
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of  the  major  longitudinal  reinforcement,  high  strength  prestressed 
bars  are  passed  through  cored  holes  through  the  hinge  and  anchored 
at  each  end.   The  amount  of  steel  employed  should  be  such  that  it 
is  capable  of  developing  the  same  tensile  strength  as  the  existing 
longitudinal  reinforcement  in  the  vicinity  of  the  hinge.   In  lo- 
cating the  additional  bars ,  consideration  must  be  given  to  the  fact 
that  some  room  is  needed  for  the  jack  which  is  used  to  apply  the 
pres tress . 

Both  of  the  above  measures  would  involve  introduction  of  ac- 
cess holes  in  the  deck  and/or  soffit  of  the  girder.   The  first  ap- 
proach requires  exposing  of  some  of  the  longitudinal  reinforcement 
and  interference  with  traffic  would  be  expected.   If  access  holes 
in  the  soffit  are  adequate,  the  second  approach  should  result  in 
very  little,  if  any,  traffic  interference. 

6.7   Shock  Absorber 

The  purpose  of  a  shock  absorber  is  to  distribute  the  energy 
imparted  to  a  single  support,  by  strong  motion  seismic  loading 
over  all  the  supports,  thus  lessening  the  possibility  of  failure 
of  any  one  support. 

Figure  6.17  depicts  a  possible  adaptation  of  the  Japanese 
"shock  absorber"  concept  (Ref .  22  )  at  an  abutment  of  a  steel  girder 
bridge.   The  shock  absorber  would  develop  negligible  resistance 
against  slow  movements  such  as  normal  service  motions,  but  would  de- 
velop a  large  resistance  in  the  case  of  a  rapid  displacement;  i.e., 
high  velocity,  such  as  can  be  caused  by  an  earthquake.   The  cylinder 
would  be  attached  to  the  back  wall  by  drilling  holes  to  a  depth, 
which  would  allow  for  development  of  the  necessary  strength,  and 
grouting  in  anchor  bolts.   If  feasible,  a  stronger  connection  may  be 
to  drill  all  the  way  through  the  back  wall  and  connect  the  bolt  to 
a  steel  plate.   The  piston  would  be  fixed  to  the  web  of  a  girder 
through  a  device  (as  shown  in  Figure  6.17)  which  is  welded  to  the 
web.   Extra  stiffeners  (not  shown)  would  be  required  in  the  neigh- 
borhood of  the  connection  to  the  web. 


110 


The  required  number  and  size  of  the  shock  absorbers  can  be 
determined  once  the  longitudinal  loading  is  computed  from  analysis. 
They  should  be  employed  in  pairs  (one  on  either  side  of  the  web) 
so  as  not  to  introduce  bending  and  torsional  stresses  for  which 
the  girder  was  not  designed. 

A  major  factor  to  consider  is  the  strength  of  the  abutment  at 
the  back  wall  and  the  bearing  seat  intersection.   This  is  generally 
a  relatively  weak  area  and  a  shear  failure  could  be  caused  by  a 
large  longitudinal  load  applied  through  the  shock  absorber.   An 
alternative  which  would  avoid  this  problem  employs  a  rotary  type 
shock  absorber  which  would  function  in  the  same  manner,  but  would 
be  connected  between  the  bearing  seat  at  the  abutment,  and  the 
bottom  flange  of  the  girder  (then  requiring  only  one  shock  per 
girder) . 

Unless  the  shock  absorber  was  to  be  attached  to  the  back  wall 
by  drilling  all  the  way  through  the  back  wall  and  connecting  to  a 
steel  plate  behind  the  wall,  implementation  would  not  be  expected 
to  be  difficult.   Interference  with  traffic  should  be  minimal. 
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FIGURE  6.5   CABLE  SUPERSTRUCTURE  UPLIFT  RESTRAINER 
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FIGURE  6.10   STRENGTHENING  AN  EXISTING  R/C  COLUMN 
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FIGURE  6.13a   WIDENING  OF  BEARING  AREA  AT  AN  ABUTMENT  OR  BENT 
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FIGURE  6.13b   BEARING  SEAT  STOPPER  AT  AN  ABUTMENT  OR  BENT 
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FIGURE  6.15   "REMOVING"  THE  HINGE  IN  BRIDGE  3  TO  ALLOW  FOR  BETTER 
DISTRIBUTION  OF  LOADS  TO  SUBSTRUCTURE  COMPONENTS 
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FIGURE  6.16   ALTERNATE  APPROACH  TO  HINGE  REMOVAL  FOR  BRIDGE  3 
(DIMENSIONS  OF  EXISTING  COMPONENTS  SAME  AS  IN 
FIGURE  6.15) 
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7.  APPLICATION  OF  SIMPLIFIED  ANALYSIS  AND  RETROFIT  MEASURES 

TO  SPECIFIC  BRIDGE  STRUCTURE 

In  this  section  the  simplified  analysis  procedures  of  Section 
5.3  are  applied  to  the  data  of  the  seven  bridge  structures  that 
were  compiled  for  this  project.   The  seismic  loading  for  each 
bridge  is  based  on  the  maximum  horizontal  ground  acceleration  for 
each  site  (Appendix  A)  and  the  response  spectrum  for  a  structure 
with  2  percent  critical  damping  (Figure  5.2.9). 

The  general  description  of  each  bridge  is  presented  in  Ap- 
pendix C  together  with  the  pertinent  plans,  elevations,  sections, 
and  bearing  details  for  each  structure.   Structural  parameters  such 
as  cross-sectional  area  and  moment  of  inertia  of  the  superstructure 
and  pier  components  are  also  given  in  this  appendix  together  with 
the  important  soil-structure  interaction  parameters.   Unless  other- 
wise noted,  all  units  in  this  section  are  in  lb,  sec,  in.,  and 
radians.   Also,  the  value  of  the  modulus  of  elasticity  (E)  is  that 
of  an  average  concrete  material,  i.e.,  3x10  psi. 

The  results  presented  in  this  section  for  each  of  the  bridges 
are  summarized  here.   Only  one  of  the  bridges  requires  major  retro- 
fit procedures  according  to  the  analysis.   However,  several  re- 
quire minor  modifications  to  provide  positive  resistance  to  uplift 
or  tensile  separation  at  the  bearings.   Also,  according  to  the 
analyses,  rather  severe  yielding  will  occur  to  the  piers  of  some 
of  the  structures  due  to  the  postulated  seismic  loading  for  the 
bridge. 

(BR  1)  Montana  Bridge  Summary:   The  piers  of  this  four-span 
simply  supported  bridge  will  be  subjected  to  overloading  and  rela- 
tively severe  yielding  will  occur  but  the  piers  should  not  fail. 

(BR  2)  Benecia,  California  Bridge  Summary:   This  two- span  con- 
tinuous reinforced  concrete  box  girder  bridge  is  subjected  to  the 
largest  seismic  loading  of  any  of  the  seven  bridge  sites.   The 
structure  was  analyzed  in  detail  with  the  nonlinear  dynamic  com- 
puter code  discussed  in  Section  5.2.   That  analysis  indicated  that 
some  overstress  occurs  in  the  pier;  however,  relatively  minor 
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yielding  is  indicated  and  no  retrofit  procedures  are  required. 
It  was  necessary  to  include  the  effect  of  vertical  seismic  loading 
in  the  simplified  analysis  presented  in  this  section  to  get  a  good 
comparison  with  the  dynamic  analysis  of  Section  5.3. 

(BR  3)  Los  Angeles,  California  Bridge  Summary:   This  four -span 
reinforced  concrete  box  girder  bridge  requires  major  modifications 
to  withstand  the  longitudinal  seismic  loading  considered  in  the 
simplified  analysis.   It  is  recommended  that  the  hinge  in  span  3 
be  eliminated  and  the  expansion  bearing  at  the  right  abutment  be 
converted  to  a  fixed  bearing   These  changes  will  convert  the  struc- 
ture to  a  continuous  bridge  which  will  be  effective  in  transmitting 
the  longitudinal  seismic  load  to  all  piers  and  both  abutments.   It 
is  also  recommended  that  the  pile  foundations  of  the  piers  be 
strengthened  to  resist  the  large  shear  loads  that  they  must  resist. 
This  strengthening  can  be  implemented  by  adding  a  row  of  piles 
around  the  perimeter  of  each  footing  and  extending  the  footings  to 
incorporate  these  piles.   It  will  also  be  necessary  to  add  concrete 
to  the  top  of  the  existing  footings  to  increase  the  footing  depth. 
This  is  required  to  avoid  overstressing  of  the  footing  reinforcement 
from  the  higher  moments  that  will  be  created  from  the  wider  distribu- 
tion of  the  vertical  loads.   Overstressing  and  relatively  large 
yielding  of  the  piers  is  indicated  from  the  simplified  analysis;  how- 
ever, failure  from  this  effect  is  not  deemed  to  pose  a  serious 
threat  to  the  structure. 

(BR  4)  Illinois  Bridge  Summary:   The  longitudinal  seismic  load 
for  this  three-span  steel  girder  reinforced  concrete  deck  bridge  is 
resisted  by  fixed  bearing  at  only  one  pier.   This  would  create  bear- 
ing instability  due  to  anchor  bolt  failure  of  the  fixed  bearings  and 
could  produce  the  collapse  of  one  or  more  of  the  superstructure 
spans.   The  recommended  retrofit   involves  converting  the  expansion 
bearings  at  the  other  pier  to  fixed  bearings  so  that  both  piers  will 
share  the  longitudinal  load.   All  bearings  should  also  be  modified 
to  provide  positive  uplift  resistance  to  seismic  vertical  loads. 
The  massive  reinforced  concrete  piers  are  lightly  reinforced  and 
relatively  large  yielding  of  the  reinforcement  is  anticipated; 
however,  failure  is  not  anticipated  from  this  effect. 
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(BR  5)  Alaska  Bridge  Summary:   No  retrofit  measures  are  rec- 
ommended for  this  simply  supported  three-span  steel  girder, 
reinforced  concrete  deck  bridge. 

(BR  6)  New  York  Bridge  Summary:   No  retrofit  measures  are 
recommended  for  this  simply  supported  plate  girder,  reinforced 
concrete  deck  bridge.   This  is  primarily  due  to  the  very  small 
seismic  load.   Positive  uplift  resistance  at  the  bearings  would  be 
required  for  a  more  severe  seismic  loading. 

(BR  7)  Riverside,  California  Bridge  Summary:   No  retrofit  mea- 
sures are  recommended  for  this  eight- span  reinforced  concrete  box 
girder  bridge. 

The  remainder  of  this  section  is  devoted  to  the  simplified 
analysis  of  each  bridge. 

7.1  Montana  Bridge  (BR  1) 

The  prestressed  concrete  superstructure  beams  for  this  struc- 
ture are  simply  supported  at  the  piers;  however,  the  composite 
action  reinforced  concrete  deck  is  continuous  between  the  abutments 
without  expansion  joints.   For  this  reason,  the  structure  is  ana- 
lyzed as  if  it  were  a  continuous  structure.   The  lateral  stiffness 
of  the  piers  is  assumed  to  be  the  same  as  the  longitudinal  stiff- 
ness since  the  two  columns  are  interconnected  by  a  relatively  flex- 
ible cap.   That  is,  the  effective  moment  of  inertia  of  the  pier 
for  both  lateral  and  longitudinal  stiffness  calculations  is  twice 
the  moment  of  inertia  of  one  of  the  columns. 

It  can  be  shown  that  the  critical  loading  direction  for  the 
seismic  analysis  of  this  bridge  is  in  the  longitudinal  direction. 
Since  the  structure  is  marginally  acceptable  for  the  longitudinal 
loading,  the  lateral  analysis  calculations  are  not  included  herein. 

7.1.1  Weight  Parameters  -  (See  Figure  C.  1  and  Table  C. 1) 
Spans  1  and  4:   W  =  £*w 

=  (46  +  56)  6.94=  708 


Spans    2    and  3:      W  =   2x102x7.58         =1545 
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Wb  =  2253  k 


One   Pier   Cap:  W     =    4x5x30x0.15 

r  c 

=   90   k 

Two   Pier  Columns:      J   (3. 5) 2x0 . 15x2  =    3'k/ft 

Average   column  height  =    24  ft 

W     =    3x24  =    72  k 
P 

One   Abutment:  W     =   95   k 

a 

7.1.2   Longitudinal   Stiffness    and  Mass    Calculations  — 

•  Longitudinal   stiffness    of  average   pier 

k     =    3EI/£3 

p  5 

=    1.36xl03   lbs /in. 

where   E  =    3x10      psi 

6        4 
I  =   0.36x10      in.    (avg,    two   columns) 

I   =    24x12   =    288  in.    (avg) 

k.p  =  Average   foundation   stiffness 
=    (0. 381+2x0. 429)xl07/3 
=   4xl06    lb/in. 

K     =   Effective   stiffness   of  one   average  pier 
P  _i 

=  ^(l/kp  +   l/kf)    i 

=    1.32xl05    lb/in. 

•  Axial  stiffness   of  superstructure    (K.  ) 

Minimum  K,     =   AE/£ 

=    1.72xl07    lb/in. 

where  A  =    7021   sq    in. ,    span   2 
E  =    3xl06   psi 
£   =    1224  in. ,    span    2 

Since  K,     is   much    larger   than   the  pier  stiffness 
the   superstructure   can  be  assumed  as   rigid. 

•  Longitudinal   Stiffness   of  abutment    (K ) 
K     =    48.1xl05    lb/in.    (one   abutment) 

8L 
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•  Combined   longitudinal  stiffness    of   complete 

structure    (K   ) 
x 

K     =   3  K     +  2   K 
x  p  a 

=    lxlO7   lb/ in. 

•  Effective   longitudinal  mass    of   complete 
structure    (M) 

W     =  W,   +3(W    +W   /4. 14) +2  W 
e  b         v    c        p  a 

=   2765.5   k 

M     =  W   /0.386 

*  =    7150    lb-sec2/in. 

7.1.3   Longitudinal   Frequency    and  Seismic  Load  — The   equivalent 
frequency    for   longitudinal   response   is 


=  5.95  cps 

From  Figure  5. 29, for  a  maximum  longitudinal  ground  acceleration  of 
1  g  for  this  frequency 

D  =  1.1  in. 
x 

Ax  =  4  g 

For   the  0.065   g  maximum  horizontal   ground  acceleration   for   the 
Montana,    BR  1  bridge   site    the   longitudinal  seismic    forces    are   de- 
rived from  the    following  equivalent   acceleration 

ax  =   0.065    (4) 
'  =   0.26   g 

7.1.4  Structural  Response  Analysis  for  Longitudinal  Seismic 
Load  —There  are  two  potential  sources  of  failure  for  this  bridge; 
(1)  bearing  failure  due  to  bolt  shear,  and  (2)  pier  column  over- 
loading. 

•  Bearing  analysis 

Since  all  of  the  bearings  are  fixed  bearings ,  each  bearing 
must  be  capable  of  withstanding  a  longitudinal  shear  force  of  0.26 
times  the  dead  load  reaction.   For  the  102  ft  span,  the  total 

133 


longitudinal   shear   force   is 

H  =    0.26    (102/2)    7.58 
=    100  k 

For    the   five    fixed  bearings   with    two   1-1/4  in.    diameter   anchor 
bolts    each,    at    each   end   of   the   span,    the   average  bolt  shear    force 
of   100/10   =    10  k/bolt    is   well  within    their   capacity. 

•   Pier    column   analysis 

The  horizontal   seismic    load  that    the   pier   columns  must  with- 
stand is    0.26   times    (1)    the   superstructure  reaction   applied  at   the 
top   of    the   pier,    and    (2)    the  pier  weight.      These  horizontal    forces 
produce  bending  moments    in    the   pier    columns   which   are   the   critical 
loads  with   regard   to   this  bridge.       The    total   seismic  bending  mo- 
ment,  M,    at   any   point,    h,   below  the    top  of   the   pier   is    (for  bent 
number   3) , 


■ 

M  =  0.26 

(W1  +  W2)  h  +  wh2/2 

where 

W-,  =  superstructure  reaction 

=  102x7.5  8 

=  77f 

k 

'Wo   =   pier   cap  weight 
=   90.  k 

w     =    pier   column  weight 
=    3  k/ft 

The   axial    load   is 

P  =  W-,  +W2  +wh 

The   reinforcing  steel   for    the    lower    7    ft    9    in.    of  the   3    ft   6    in. 
diameter   columns    consists    of   18  number    11   rebars .  The   upper  por- 
tion  of    the    columns    are   reinforced  with    12  number  11  bars.      At 
the  base   of  the   columns , 

h  =   29    ft 
P-,    =   949   k 


V     two    columns 


Mx 
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These  forces  must  be  resisted  by  the  two  bent  columns.   From  an 
interaction  diagram,  the  ultimate  moment,  M,  for  one  column  with 
an  axial  load  of  P/2  is  M-,  =  1280  k-ft.   The  ratio  of  the  maximum 
seismic  moment  to  the  ultimate  moment  at  the  base  of  the  columns 
is  M.,/(2M, )  =  2.6  7.   At  the  point  where  the  reinforcing  steel  is 
a  minimum  (12  number  11  bars) , 

h  -  21.25  ft 
P2  =  926  k 
M2  =  4930  k-ft 

For  this  section,  the  ultimate  moment  for  one  column  is 
M2  =  1050  k-ft.   The  ratio  of  the  seismic  moment  to  the  ultimate 
moment  at  the  point  h  =  21.25  ft  is  M2/(2M~2)  =  2.35. 

Even  though  both  of  these  moments  considerably  exceed  the  ul- 
timate strength  of  the  section  it  is  concluded  that  the  pier  will 
not  collapse.   This  is  based  on  the  concept  that  the  seismic  load- 
ing will  be  reduced  by  approximately  one- third  for  a  nonlinear  an- 
alysis incorporating  a  ductility  factor  of  5,  which  is  commonly 
accepted  for  reinforced  concrete  structural  elements.   For  this 
reason,  no  retrofit  measure  has  been  postulated  for  the  Montana 
bridge . 

7.2  Benecia,  California  Bridge  (BR  2) 

This  structure  was  analyzed  using  the  nonlinear  computer  pro- 
gram.  The  results  of  this  analysis  are  presented  in  Section  5.2. 
From  that  investigation,  it  was  shown  that  some  over stress  occurred 
in  the  pier  column;  however,  structural  failure  did  not  occur.   A 
reanalysis  was  performed  with  a  structural  modification  which 
strengthened  the  pier  by  adding  additional  longitudinal  reinforc- 
ing and  concrete.   The  effect  of  this  retrofit  measure  was  to  in- 
crease the  bending  moment  in  the  pier;  however,  this  increase  was 
less  than  the  added  resistance  of  the  column.   The  net  result  was 
that  the  strengthened  structure  was  not  overs tressed  during  the 
dynamic  response  to  the  combined  dead  load  and  seismic  loading. 
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The  objective  of  the  simplified  analysis  presented  in  this 
section  is  to  compare  some  selected  results  of  the  nonlinear  dy- 
namic response  with  the  simplified  analysis.   It  will  be  shown 
that  the  vertical  seismic  loading  must  be  included  with  the  hori- 
zontal loading  in  order  to  obtain  good  correlation  with  the  non- 
linear dynamic  analysis  results.   Since  the  nonlinear  analysis 
was  for  the  horizontal  seismic  load  in  the  longitudinal  direction, 
the  simplified  analysis  is  also  considered  only  for  this  component 
of  the  horizontal  load. 

7.2.1  Vertical  Response  Analysis  —The  stiffness  of  span  2  for 
rotation  about  the  lateral  axis  of  the  bridge  (Y)  is 

K*y  =   4  Ely/ A 

=    4    (3xl06)    0.548xl07/1224 

=   5.35xl010    lb-in. /radian 

This   is  nearly    30    times    the   stiffness  of   the   abutment,    thus    the 
structure   can  be   assumed   to  be  hinged  at   the   ends.      For  the  bent, 
the   comparable  rotational   stiffness    is 

K^Y  =    4  Ely/A 

=   4   (4.73xl06)    0.373xl06/324 

=   2. 18x10 10    lb-in. /radian 

Since   the  pier   foundation   rotational  stiffness   is   6.38x10      ,    the 
base   of  the  pier  will  be   assumed   as    fixed. 

Since   the   length   of   the  spans    are  not   drastically   different, 
we   can   assume   that   the   spans  will  vibrate  approximately   as    simple 
beams    for  the   determination   of  their  natural   frequency    for  ver- 
tical response.      For  span   2,    the   frequency  of  vertical  vibration 
is 

u)2   =    97.5   EI    /(M£3) 


where 


E  =    3xl06   psi 
I     =   0.5 48x10 7   in^ 
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M  =  AyUg 

=   7708    (0.09)    1224/386 
=   2200    lb-sec2/in. 


I  =    1224  in 


a)  =    /39T  =    19 .  9 

f  =    3.17   cps 

From  Figure   5,29,  for  a  maximum  vertical  ground  acceleration 
of   1  g   for  this    frequency, 

A     =   4.2    g 
z  & 

For  the  0.26  g  maximum  vertical  ground  acceleration  for  the  BR  2 

site,  the  vertical  seismic  forces  are  derived  from  the  following 

equivalent  acceleration 

a^  =  0.26  (4.2)  =  1.09  g. 

From  this    acceleration,    the  midspan  moment   from  the  vertical   seis- 
mic  load   is    estimated  as 

F*j  =   a    (1-0.2)    M£/8 
=   0.114xl09   lb/ in. 

The   continuity    factor    (1-0.2)    indicates    that   the  bending  moment 
at    the   pier   is    0.4  times    the  simple  beam  moment   for  purposes  of 
estimating   the  midspan  moment    for  vertical  seismic   loading.      Add- 
ing  the  static  bending  moment  of  0.077x10      lb -in.    results    in  a 

o 
total  moment  of  0.191x10      lb-in.      This    is    less    than  9   percent 

higher   than   the   peak  value   obtained   from  the  nonlinear   dynamic 
analysis    (Figure   5.15). 

The  rotation    (9)    at   the   top   of  the  pier   can  be   computed 
based  on   the  above  variation   in   the  bending  moment   for   the  verti- 
cal seismic   load.      That    is ,    the  moment  variation  resulting   from 
uniform  vertical   seismic   load  of   1.09    times    the   superstructure 
dead   load  with   zero  moment   at   the  right   abutment    and  a  value  of 
l/2Ffi   at    the  pier.  The   result   is 
9  =    3  FB    a/(3EIy) 
=   0.00212   radian. 
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With  this  rotation   at    the   top   of  the  pier   and  zero  rotation   at 
the  bottom   (fixed)    the  bending  moment  at    the    top   is 

P  P 

Fm  =   K0Y  *  9 

=   46.0xl06   lb-in. 

The  moment   at   the  bottom  of  the  pier   is    of  opposite   sign   and  one- 
half   this   magnitude.      The  shear  resulting   from  this    distribution 

of  moments    is   HD  =    1.5   FP/£  =    21.3xl04lb    (where    £  =    319   in., 
r  m 

pier    length).      Assuming  a   linear   variation   in    the  moment   from  top 

to  bottom,    the  bending  moment   at   the   center   of    the   top   and  bottom 

P  f\  P  fi 

elements    of   the  pier  are  lyL         =    37.4x10      and  M,     .    =    14.4x10      lb-in. 

1  t  op  b  o  t 

These  will  be  modified  by    the  moments    from  the    longitudinal    loading 
before   comparing    the   results  with    the   dynamic   analysis. 

7.2.2   Longitudinal  Response  Analysis— The   important   stiffness 
parameters    for   longitudinal   seismic   load   calculations   are 

Abutments    1    and  3:      K^  =    8.49xl06   lb/in.     (each) 

Span    1:  Kv1    =   AE/£ 

,6, 


=   7708    (3xlOu)/1032 
=   22.4xl06    lb /in. 

Span   2:  Kx2  =   22.4    (1032/ 1224) xlO6 


=    18.9xl06   lb /in. 


Pier:  KV1D  =    3EIv/£3 


XP        -^"Y' 

=   0.156x10°    lb/in 


om 


The   combined  stiffness    (K^)    is   obtained   fr 

KX  =    ^/KXA+1/KXl)"1  +  KXP 
+    (1/K^+l/K^)"1 

=    (6.13  +  0.156  +  5. 85)xl06 
=    12.14xl06   lb /in. 

The  weight   of   the   superstructure    (WR)    and   the   equivalent  weight 
of  the  pier    (Wp   )    is 

Wg   =   A  y  I 


=    7708    (0.09)  (1032  +  1224) 
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Wpe  =   A  y  V4.  14 

'  =   3456    (0.09)    324/4.14 
=   0.24xl05   lb 

The   combined  mass   of   the    structure    for   longitudinal   seismic  re- 
sponse  is 

M  =    (WB  +  Wpe)/g   . 
=   4,130    lb -sec   /in. 

With  these  parameters  (K„  and  M)the  effective  frequency  is  deter- 
mined from  equation  (5 . 27)  as  f  =  8.65  cps . 

From  Figure  5.29,  for  a  maximum  longitudinal  ground  accelera- 
tion of  1  g  for  this  frequency  A  =  3.7  g.   For  the  0.32  g  maximum 
horizontal  ground  acceleration  for  the  BR  2  site  the  seismic  longi- 
tudinal forces  are  derived  from  the  following  equivalent  accelera- 
tion 

ax  =  0.32  (3.7)  =  1.18  g 

The  total  longitudinal  force  (H)  for  the  structure  is  av  times  the 

6 

combined  mass    (M)    above,    there  results   H  =    1.89x10      lb.      Assuming 

that   this    force   is    distributed  in  proportion   to   the    longitudinal 
stiffnesses   of  the   component   elements   of   the  bridge,    the   shear 
force   in   the  pier  is 


Hp  -   H   (Kvp/K^) 
=    2. 42x10 4   lb 


This   pier  shear   force    causes  moments   in    the    top   and  bottom  elements 
of  the  pier   of 

K*       =    24,200    (40.5)   =   l.xlO6   lb-in. 
top 

M^Qt  =    24,200    (284)      =    6.9xl06   lb-in. 

7.2.3   Combined  Vertical   and  Longitudinal   Seismic  Results  — 
Adding   the  pier  shears    from  the  vertical   and  horizontal   analyses 
yields 

H  =    (21.3 +2.42)xl06  =    23.  72xl06    lbs 
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This    compares   almost  exactly  with   the   dynamic  response   analysis 
value  of  23.4x10      lbs.      In   a  similar  manner,    the   combined  bending 

moment  at    the   center   of  the    top   and  bottom  elements   of   the  pier 

p  fi  P  f\ 

are  Mt        =    38.4x10      and  M,     .    =    21.3x10      lb-in.      These   also    compare 

top  bot  r    r 

quite   favorably  with   the    dynamic  analysis   peak  values   of   36.4x10 
and  2  7.5x10    ,    respectively. 

7.3     Los   Angeles,    California  Bridge    (BR  3) 

This    four-span   reinforced   concrete  box  girder  bridge   is   mono- 
lithically    connected  to   the    left   abutment;    however,    an   expansion 
bearing  is   provided  at  the  right   abutment.      The    7    ft   diameter 
piers   are   all  monolith  with   the   superstructure   and  a   second  ex- 
pansion  device    (hinge)    is   provided  at   approximately    the  one-fifth 
point   in   span   2  near   the   center  bent.      There   are  no    longitudinal 
res  trainer  bolts    provided  at   the  hinge   for   the  as-built  configura- 
tion  of   this   structure.      The  bridge   can  be  analyzed  longitudinally 
as    if   they  were   two   separate   structures.      One   to   the   left  of   the 
hinge  and  the   other   to   the  right.      Tables    7.1   and   7.2   list   the 
essential  parameters    for   the   structure. 

7.3.1  Longitudinal   Stiffness   and  Mass   Calculations  —    Left 
Portion   of   the   Structure:      The  effective   longitudinal   stiffness 
to   the    left  of  the  hinge    (Kv)    is  obtained  by   computing   the   com- 
bined stiffness    (K,)    of  abutment   1    and  spans    1  and  2-1   and  then 
adding   this   value   to    the  bent   2   stiffness    (K  o) 

Kx  =   106/(l/6. 31  +  1/16. 2 +1/18.8) 
=    3.67xl06 

KX  =  Kl  +  K  2  =   4-69xl°6    lb/in. 

The   combined  mass    (M„)    is    obtained   from  the  superstructure  spans    1 
and  2-1    (M-.)    and   the   effective  mass   of  bent   2    (Mo) 

M]_  =    (950  +  878)    1000/g 

M  2  =    84,000/(4.14  g) 

MX  =  Ml+M  2   =    4790   lb"sec2/in- 
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Right   Portion   of   Structure:      The    effective    longitudinal   Stiff- 
ly 

ness    to   the   right   of   the  hinge    (K^)    is    obtained  by   computing   the 
combined  stiffness    (K2)    of  span   2-2   and  3   and  bent   4  and  adding 

this   value   to   the  bent   3   stiffness    (K _o).      Span   4  and  abutment    5 

R  " 

are  not   included  in  K„  since   the   expansion  bearing   at   abutment   5 

does  not  permit    longitudinal   force   to  be   transmitted  in   these   ele- 
ments . 

1^  =    106/(l/78  +  l/19  .5  +1/1.05) 
=   0.985xl06 

K^  =   K2+K  3  =    1.715xl06    lb/in. 

The   combined  mass    (M„)    is    obtained   from  the   superstructure   spans 
2-2,    3   and  4,    and   the   equivalent  mass    of  bents    3   and  4. 

M2  =    (210  +  818  +  392)    1000/g 

M3+M,=    (106  +  83)    1000/(4.14  g) 

MX  =  M2+M  3+M  4  =    3800    lb-sec2/in- 

7.3.2  Longitudinal   Frequency   and   Seismic  Load— The   equivalent 
frequency    for   longitudinal  response   for   the   left   and  right  por- 
tions  of   the   structure   are   obtained  by   application   of  equation    (5-27) 
where  the  mass    and  stiffness    for   each  part   are   as    those   computed 
above. 

f j    =   5.0   cps 

f R  =   3.4  cps 

From  Figure  5.29  for  a  maximum  ground  acceleration   of    1   g   for 
each   of    these    frequencies 

D,    =    1.5   in.  DR  =    3 . 4  in . 

AL  =   4  g  AR  =   4.  1  g 

For   the  0.187   g  maximum  ground  acceleration  of  the  BR  3  bridge 
site,    the   longitudinal   seismic   loads    for  the   left  and  right  parts 
of  the   structure   are 

dL  =   0.28   in. 

aL  =   0.75  g 


dR=  0. 

64  in . 

aR=  0. 

77  g 
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7.3.3  Structural  Response  Analysis  for  Longitudinal  Seismic 
Load  -  It  can  be  shown  that  the  critical  load  direction  for  this 
structure  is  the  longitudinal  direction.   Hence  the  lateral  seismic 
response  calculations  are  not  presented. 

The  total  longitudinal  seismic  force  from  the  superstructure 
for  the  right  portion  of  the  bridge  is 

FR  =  M2  aR  =  1100  k 

Assuming  that  this  load  is  distributed  to  bents  3  and  4  proportional 
to  their  stiffnesses  the  following  longitudinal  loads  at  the  top 
of  bents  3  and  4  are  obtained 

FQ  =  FD  K  ~/(K  ,  +K  ,) 
3    R  p3'  v  p3   p4x 

=  1100(0. 73)/(0. 73  +  1. 05) 

=  450  k 

F4  =  FR  -  F3  =  650  k 

The  foundations  for  bents  3  and  4  have,  respectively,  24  and  15  un- 
battered  concrete  piles.   The  average  shear  load  for  each  of  the 
piles  for  bents  3  and  4  from  the  superstructure  seismic  load  is 

Bent  3:   450/24  =  18.7  k 
Bent  4:   650/15  =  43.5  k 

If  each  pile  has  the  same  shear  load,  the  average  shear  is 

1100/39  =  28.2  k/pile 

These  shear  loads  are  clearly  above  the  capacity  of  the  piles.   A 
similar  analysis  of  the  left  portion  of  the  structure  will  produce 
comparable  overloads  for  the  piles. 

Note :   The  foundation  piles  are  severely  overloaded  and  a 
structural  modification  is  deemed  necessar/  for  this  structure. 
The  proposed  retrofit  includes  (1)  elimination  of  the  hinge  expan- 
sion joint  and  (2)  converting  the  expansion  bearings  at  abutment  5 
to  fixed  bearings.   This  will  effectively  convert  the  structure  in- 
to a  continuous  bridge  and  each  foundation  will  be  effective  in 
absorbing  the  longitudinal  seismic  loading.   A  recomputation  of  the 
combined  longitudinal  stiffness  and  mass  and  then  the  frequency 
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and  seismic  load  for  the  modified  structure  results  in  essentially 
the  same  longitudinal  load  as  before,  i.e.,  a„  =  0.75  g.   Apply- 
ing this  seismic  load  to  the  superstructure  and  the  effective  mass 
of  the  piers  results  in  a  total  force  of 

F  =  0.75  (3248  +  6$)  =  2480  kips 

Assuming  that  each  pile  carries  an  equal  share  of  this  load,  the 
average  shear  on  each  of  the  75  piles  is 

2480/75  -  33  k/pile 

This  load  is  excessive  for  the  bent  piles  which  are  not  battered. 
The  abutment  piles  are  not  considered  to  be  severely  overloaded 
since  each  abutment  has  four  battered  and  four  vertical  piles . 

Note :   An  additional  retrofit  measure  is  required  to  reduce 
the  shears  on  the  bent  piles  by  approximately  one-half.   Addition- 
al piles  are  to  be  added  at  the  perimeter  of  the  footings  and  the 
footings  extended  and  strengthened  by  the  techniques  described  in 
Section  6.   Adding  a  row  of  piles  around  the  perimeter  of  each 
bent  footing  will  have  the  following  effect  on  the  number  of  piles 


Bent 

Existing 

Modified 

2 

4x5  =  20 

6x7  =  42 

3 

4x6  =  24 

6x8  =  48 

4 

3x5  =  15 

5x6  =  30 

59  120 

This    essentially   doubles    the  number   of  piles    that  will  resist   the 
seismic   shear   loading.      Distributing   the    longitudinal   load,    F,    to 
the  bents   proportional    to    the  number   of  piles   produces    the   follow- 
ing bent   forces : 

Total  piles:      120  +  16  =  136 
F2  =    (42/136)2480  =    766  k 
F3  =    (48/136)2480  =    875  k 
F4  =    (30/136)2480  =   547  k 

These   forces   produce  moments   at    the  bottom  of   the  bents    (M^)   which 
when  combined  with  the   axial   load    (P^)   may    cause  overloading   of  the 
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columns.   The  6  ft  diameter  single  column  for  bents  2  and  4  are 
reinforced  with  26  number  11  rebars.   Bent  3  has  34  number  18  re- 
bars.   Bents  2  and  3  have  the  most  critical  combination  of  loads. 
The  applied  loads  for  bent  2  are 

M2  =  F2  l2   =  766  (231)  =  177xl03  k-in. 

P2  =  (W1+W2)/2  =  1019  k 

where  W-,  and  W2  are  the  weights  of  spans  1  and  2.   From  the  inter- 
action diagram  for  this  column,  the  approximate  ultimate  moment 
for  an  axial  load  of  P2  is 

M2  =  54. 7xl03  k-in. 

The  ratio  of  the  maximum  seismic  moment  to  the  ultimate  moment  for 
bent  2  is 

M2/M2  =3.23 

The  applied  loads  for  bent  3  are 

M3  =  F3  ^3  =  875  (290)  =  254xl°3  k"in- 

P3  =  (W2+W3)/2  =  953  k 

From  the  interaction  diagram  for  the  bent  3  column,  the  approximate 
ultimate  moment  for  an  axial  load  of  Po  is 


and 


M3  =  109xl03  k-in 


M3/M3  =  2.33 


Referring  to  Section  5.3.4,  the  seismic  overloading  of  bent  2  is 
slightly  larger  than  three  times  the  ultimate  moment  and  this  is 
not  deemed  to  be  critical  when  employing  a  ductility  factor  of  5. 
In  summary,  the  retrofit  measure  postulated  above  should  be  ade- 
quate for  this  structure. 
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7.4     Illinois    Bridge    (BR   4) 

This    three-span   continuous  bridge   is    supported  by   a   fixed 
bearing  at   pier  number   1  and  expansion  bearings    at    the   abutments 
and  the   other  pier.      The    longitudinal  response   is    the   critical 
load  direction  by   engineering  judgment.      The   as -built   structure 
can  be  realistically  analyzed  as   a  single   degree  of  freedom  sys- 
tem.     The  mass    is    obtained   from  the  superstructure  mass   and   the 
equivalent   pier  mass.      The   single    degree  of   freedom  spring   con- 
stant   is    obtained  by   combining   the  pier  stiffness    and   the   foundation 
stiffness   in   the   longitudinal    direction.      Newmark's  method   (Ref.  23) 
is    employed   to   obtain    the  pier  stiffness    and  equivalent  mass   since 
the   cross -sectional  properties   vary  with  height. 

7.4.1  Longitudinal  Stiffness    and  Mass    Calculations  —The  area 
and  moment  of  inertia  of  the   tapered  pier  are   denoted  by  A    ,    I 
at   the   top  of   the  pier  and  A-,,    I,    at   the  bottom.      The  ratio   of 
the  areas    and  moments    of  inertia  are 

A, /A     =   0.24xl05/0.14xl05 
1      o 

=    1.70 

IWI     =   0.316xl07/0.671xl06 
1     o 

=   4.70 

Since  the  width  of  the  pier  is  nearly  constant  from  top  to  bottom, 
the  ratio  of  the  depth  at  the  bottom  to  the  top  is  nearly  the  same 
as  the  ratio  of  the  areas.   To  simplify  the  calculations,  it  will 
be  assumed  that  the  cross -sectional  area  and  the  depth  vary  lin- 
early from  top  to  bottom  and  that  d-,  =  1.68  d_  and  A-,  =  1.68  A  . 
Furthermore,  the  variation  in  the  moment  of  inertia  is  taken  as 
proportional  to  the  depth  cubed,  hence 

Ix  =  (1.68)3  IQ 

=  4.75  I 
o 

Subdividing  the  22   ft  high  pier  into   four  equal   divisions,    New- 
mark's   method  is    used   in  Table    7,3    to   compute   the   tip   displacement 
for   a   concentrated  load   (P)    at   the   top   of   the   cantilever  pier. 
The   depth   and  moment  of  inertia  at   the  subdivision  points    for 
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the  pier  are 

Position 

d/_do 

I/I  =  (d/d  )3 

—l—Q    i £_  Q- 

Top 

1.00 

1.00 

1/4  Pt 

1.17 

1.60 

Center 

1.34 

2.40 

3/4  Pt 

1.51 

3.42 

Bottom 

1.68 

4.75 

The  results  of  the  computation  in  Table  7.4  indicate  that  the  tip 
displacement  is 

y  =  78.6  P  A3/12  EI 
J  o  o 

The  pier  cantilever   stiffness    is 

k     =   P/y 

=    12   EIQ/(78.6    AJ) 
=    1. 07x10 6    lb/ in. 

where 

I     =   0.671xl06   in? 
o 

X      =    Ilk      - 
=   22x12/4 
=   66   in . 

The   foundation   stiffness    is 

kf  =   6.1xl06    lb/ in. 

The   effective   stiffness   of   the  pier   is   obtained  by  application  of 
equation  (5  .  19b),  there  results 

K     =   0.91xl06    lb/ in. 

The  equivalent  mass  of  the  pier  is  obtained  by  first  comput- 
ing the  frequency  of  the  tapered  pier  by  application  of  Newmark's 
method.   The  computations  presented  in  Table  7.4  indicate  that 
the  assumed  deflections  are  satisfactorily  close  to  the  computed 
values.   Using  the  free  end  value  from  the  table  we  obtain 

co2  =  144  EI  /(938  ni  X4) 
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where  m  is  the  mass  per  unit  length  at  the  top  of  the  pier  and 
the  remaining  parameters  are  the  same  as  for  the  stiffness  calcu- 
lations . 

mo  =  Ao  T/S  - 

=  0.14x10^x0.09/386 

'2   2 
=  3.27  lb-sec  /in. 

2 
Using  these  parameters    in   the  above  equation    w     =    5030   is    obtained 

2 
The   equivalent  mass,    M    ,    is   obtained  by   equating  k   /M     to  u>      de- 
rived above,    there   results 

M     =  k   /o)2=    1.07xl06/5030 
e  p  £ 

=  213  lb -sec  /in. 

The  total  weight  of  the  pier  is 

W     =  A   Q  +  1.68)    0.5    I  y 
p  o 

=  447  k 
The  weight   of  the   complete  superstructure    is 


wb 

= 

wb    I 

— 

1030 

k 

1 

wb 

= 

570 

lb/in. 

I     =    1812   in. ,    (bridge   length) 

The   effective  mass   of  the   complete   structure   is 

M  =  Wb/g  +  Me 
=  2670  +213 
=   2883   lb-sec2/in. 

7.4.2  Longitudinal  Frequency  and  Seismic  Load— The   equivalent 
frequency   for   longitudinal  response   is    obtained  by   application  of 
equation   (5.27)  where   the   combined  stiffness   of   the   complete   struc- 
ture  is    the   pier  stiffness,    K    .      The   computed  frequency   is 

f  =   2.83   cps 
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From  Figure  5. 29  for   a  maximum  ground  acceleration  of   1  g   for 
this    frequency,    D   =   5   in,    and  A  =   4.2   g.      For   the   0.12   g  maximum 
ground  acceleration   of   the   Illinois,    BR  4  bridge  site,    the   longi- 
tudinal  seismic   load  is    derived   from 

d  =   0.12(5)    =    0.6   in. 
a  =   0.12(4.2)    =   0.504  g 

7.4.3  Structural  Response  Analysis  for  Longitudinal  Seismic 
Load  —There  are  two  potential  sources  of  failure  for  this  struc- 
ture: (1)  failure  of  the  fixed  bearings  at  pier  1  due  to  anchor 
bolt  shear,  and  (2)  overs tressing  of  the  pier. 

9  Fixed  bearing  analysis 

The  maximum  longitudinal  force  on  the  fixed  bearing  is  ob- 
tained from  two  sources : 

(1)  The  0.504  g  load  applied  to  the  superstructure  mass. 
This  force  (Fi)  is  obtained  as 

Fl  =  Wb  a/g 
'  =  519  k 

(2)  The  second  force  (F2)  is  obtained  from  considera- 
tion of  the  longitudinal  load  acting  at  the  fixed 
bearings  that  is  required  to  equilibrate  the  eccen- 
tric loading  at  the  expansion  bearings. 

The  method  of  determining  the  eccentricity  of  the  reaction  at  the 
rockers  due  to  relative  longitudinal  motion  is  discussed  in  Ap- 
pendix D.   Using  the  notation  of  Appendix  D, 

r  =  R  =  12  in. 

b  =  4  in.  (half  width  of  rocker) 

h  =  11.125  in.  (rocker  height) 

The  maximum  eccentricity,  6  ,  occurs  when  the  relative  displace- 

J        m  r 

ment  is  d  =  3.86  in.   The  eccentricity  of  the  reaction  at  this 

m  J 

relative  displacement  is  6  =4.29.   The  relation  between  the  ec- 

r  m 

centricity,  6,  and  the  relative  displacement,  d,  is  nearly  linear 

between  d=0  and  d  . 

m 
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Since  the  maximum  relative  displacement  for  this  bridge  is 
0.6  in.,  the  corresponding  eccentricity  is 

6  =  0.6  (4.29/3.86) 
=  0.67  in. 

Assuming  this  eccentricity  occurs  simultaneously  at  both  abut- 
ments and  pier  2,  the  total  moment  due  to  this  effect  is 

M  =  (2R1+R2)  6 

where 

R-.  =  abutment  reaction 

'  =  0.5  (557.5)  0.570 

=  159  k 

R2  =  pier  2  reaction 

=  0.5  (557.5  +  697)  0.570 
=  357  k 

The  total  longitudinal  load  acting  at  pier  1  due  to  the  above  mo- 
ment is 

F2  =  M/h 
=  40.6  k 

The  total    force  at   the   fixed  bearings    is 

F  =   F1+F2 
=   560  k 

This  longitudinal  seismic  force  must  be  transmitted  to  the  pier 
by  shear  through  the  anchor  bolts.   The  average  shear  load  for 
each  of  the  12  1-in.  diameter  bolts  is  F/12  =46.6  k/bolt.   Assum- 
ing an  ultimate  shear  stress  of  41  ksi,  the  shear  capacity  of  each 
bolt  is  0.785  (41)  =  32.2  k/bolt. 

Note:   The  anchor  bolts  are  severely  overs  tressed  and  a  retro- 
fit measure  is  deemed  necessary.   The  simplest  and  most  effective 
modification  will  be  to  convert  the  expansion  bearing  at  pier  2  to 
fixed  bearings.   With  this  change,  the  combined  stiffness  of  the # 
complete  structure  is  that  of  both  piers  and  hence  the  frequency 
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becomes 

f  =  /2  (2.83) 
=  4  cps 

Using  the  same  process  as  in  Section  7.4.2,  following  parameters 
are  appropriate  for  the  modified  structure 

D  =  2.3  in.,      d  =  0 .  2  8  in . 
A  =  4.1  g   ,     a  =  0.49  g 

For  this  somewhat  different  seismic  loading,  the  longitudinal  seis- 
mic forces  are  now  shared  by  both  piers.   The  computation  of  the 
forces  for  the  modified  structure  follows. 

F1  -  519  (0.49/0.504) 
"  =  505  k 

6   =  0.28  (4.29/3.86) 
=  0.31  in. 

M  =  2  Rx  6 

=  98.7  k-in. 

F2  =  M/h  =  8.9  k 

F  =  514  k 

The  average  shear  load  for  the  24  anchor  bolts  (total)  at  both  piers 
is   F/24  =  21.4  k/bolt.   This  is  well  within  the  capacity  of  the 
fixed  bearing  anchor  bolts.   However,  it  is  also  recommended  that 
positive  uplift  resistance  be  provided  at  all  of  the  supports. 

•  Pier  analysis  for  modified  structure 

Since  each  pier  shares  the  longitudinal  seismic  load,  each 
pier  must  be  capable  of  withstanding  the  combined  axial  load  (P) 
from  the  superstructure  vertical  load  and  the  bending  moment  cre- 
ated by  the  horizontal  force.   Investigate  the  state  of  stress  at 
the  bottom  of  the  pier  wall. 

P  =  R2+W  M  =  (F/2)  £ 

=  804  k  =  (514/2)  22 

=  5650  k-ft 
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Treating   the   lightly   reinforced  pier   as    though   it  were   plain    con- 
crete 

a   =   P/A1  +    12  M/Z1 

where 

Ar  =   0. 24x10 5   in4 

Z-,    = 


-^   =    1.7(0.5    d-,)         >    where    d-L  =    40   in. 


=   0.158xl06   in? 

a     =   0.034  +  0.430 

=   0.464  ksi,    compression 
=   0.396  ksi,    tension 

The   tension  stress   is    too  high   for   concrete  and   the  number   5   rebars 
will  be   subjected  to   tension.      Neglecting   the   axial    load,    the  moment 
per   foot   of  width   of   the  pier   is 

Mx  =  5650/52  =   109  k-ft/ft 

=    1310   k-in./ft 

Using   a  rebar  yield   stress    of  40  ksi,    the  pure  bending  ultimate 
strength   of   the  section  per   foot   of  width    is    approximately 

ML  =   <t>   fy  As    (d-a/2) 

=   0.9    (40)    0.31    (36)    =   403  k-in./ft 

Since  the  ultimate  moment  is  just  slightly  smaller  than  one- third 
of  the  maximum  seismic  moment,  failure  is  not  anticipated  for  a 
ductility  factor  of  five  (see  Section  5.3.4). 
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7.5      Alaska   Bridge    (BR  5) 

This    three-span  simply   supported  steel   girder  bridge  with 
composite    reinforced   concrete   deck    is    analyzed   for   longitudinal 
seismic    loading  only.      By   inspection   of   the    structural    details,    it 
is    apparent    that    this    orientation  of    the   seismic    load  is    the  most 
severe    for   this   structure.      The  potentially   critical   components 
are    the   anchor  bolts    of   the  bearings    and   the  pier   resistance    for 
this    loading. 

7.5.1   Longitudinal   Stiffness    and  Mass    Calculations  -The  hori- 
zontal  seismic    load  of  span   1   is    transmitted   to   abutment    1  which 
supports    the   simply   supported   span    fixed  bearing.      Similarly,    the 
center   span   longitudinal    loads    are   resisted  at   pier   1.       It    can  be 
shown    that    the   pier   1    analysis    is    the  most    critical.      Using  equa- 
tion   (5.20)    the    combined  pier  stiffness    is    obtained   from   the   founda- 
tion   stiffness   k.p  =    2.84x10      lb/in.    and   the  pier  wall   stiffness   of 

k      =   3   EI/£3 

p  6  5  3 

=    3    (3x10°)    9.29  xl0D/(13  x  12)  J 

=   2.2  xlO6    lb/in. 

The   combined  stiffness    is 

K     =    1.25  x 106    lb/in. 
P 

From  equation  (5.19a)  the  effective  mass  of  the  pier  is 

M      =  A   £   Y/(4.14   g) 

=    104(13xl2)    0.09/(4.14x386) 
=    88   lb-sec2/in. 

The   center   span  mass    is 

Mb   =  w    i/g 

=   313    (60  xl2)/386 
=   584   lb-sec2/in. 

From  the   combined  pier  stiffness  ,  K       and  a  combined  mass  ,     M  =  M    +  M,   , 

IT  XT 

the  effective  frequency  for  longitudinal  seismic  response  is  ob- 
tained from  equation  (5.2  7)  as 

f  =  6.9  cps 
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From  Figure  5.29  for  a  maximum  ground  acceleration  of  1  g, 
for  this  frequency 

A  =  3.8  g     D  =  0.75  in. 

For   the   0.127   g  maximum  horizontal   ground  acceleration   of   the  Alaska 
(BR  5)   bridge  site,    the   longitudinal   seismic    load   is    derived   from 

a  =   0.127    (3.8)    =   0.48   g 

d  =   0.127    (0.75)    =   0.096   in. 

7.5.2    Structural   Response   Analysis    for  Longitidunal   Seismic 
Load— Bearing  Analysis:    Similar   to    the    Illinois   bridge,    the    fixed 
bearings    are   subjected  to   longitudinal    loads    from    (1)    the    super- 
structure mass   peak   acceleration,    a,    and    (2)    the    longitudinal    force 
required   to   equilibrate   the   couple    from   the   eccentricity   reaction 
at   the   expansion  bearing    from   the   relative  motion  between   the    super- 
structure  and  pier   2.      From  the    first    effect, 

F-,   -=  M,     a 

1  b 

=    108   K 

Using  the  notation  of  Appendix  D, 

r=R=h=6in. 
b  =  3  in . 

From  equation  (D. 11) ,  the  maximum  eccentricity  occurs  when  the  rela- 
tive displacement  is  d  =  3.03  in.   The  corresponding  maximum  eccen- 
r  m  r      o 

tricity  is  6   =  3  in.   Thus ,  the  eccentricity  is  nearly  equal  to 
the  relative  displacement  for  this  rocker  configuration.   The  maximum 
horizontal  force,  F^ ,  due  to  the  eccentricity  of  the  reaction  at  the 
expansion  end  of  span  2  is 

F2  =  M/h  =  1790  lb 
where 

M  =  R26 
Ry  =   w  1/2,   pier  2  reaction 
'  =  313  (720)/2 
=  113,000  lb 
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6    =    5_   d/d    .    maximum  eccentricity 

mm  J 

=    3    (0.986)/3.03 
=   0.095   in. 
h   =   6    in . ,    rocker  height 

The  average   anchor  bolt   shear    force    at    the    fixed  bearings    is 
(two   1-1/4  in.    diameter  bolts    per  bearing,    four  bearings) 
(F-,  +Fo)/8   =    13.8  k/bolt.      Assuming   an  ultimate   shear  stress    of 
41  ksi,    the   shear   capacity   is    1.227    (41)    =   50.5  k/bolt.      Hence,    the 
anchor  bolt   capacity   is    considerably  higher   than   the   maximum  seis- 
mic   load. 

At    the   expansion  bearing,    the   1-1/4  in.    diameter   anchor  bolts 
pass    through    1-3/8  by    3   in.    slotted  holes    in   the   sole  plate.      Assum- 
ing  that   each    1-1/4  in.    anchor  bolt   is    centered  in   the   3   in.    slot, 
a   rattlespace   of    (301.25) /2   =   0.875    in.    is   provided  before   any 
shear    forces    are   applied   to   these   anchor  bolts.       Since   this    space 
is    considerably    larger   than   the   maximum  relative  horizontal   seismic 
displacement    (d  =   0.096   in.)    the   expansion  bearing   anchor  will  not 
be   subjected   to   shear   loads. 

Pier  Analysis :      Since    the  piers    are   only    lightly   reinforced 
(number  6  bars'at   2    ft    centers    each    face,    vertical   reinforcement) 
they  will  behave    almost   as    though    they  were   unreinf orced.      Using 
elastic   analysis,    the  maximum  stresses    at    the  base  of   the    33    in-. 
thick  by   9    ft  high  pier  wall   are 

a   =   P/A  +  M/Z 

where 

P  =   R,    +   R0   +  W 
1  2  p 

R1   =    303    (480/2),    span    1   reaction 

=    72,900    lb 

R2   -    313    (720/2),    span    2   reaction 
=    112,600    lb 

W     =  A  I   Y  ,    pier  wall  weight 
P  4 

=   10^    (9  xl2)    0.09 

-  97,200    lb 
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P  =282.7    xlO3    lb 

M  =(F1  +  F2+M  a)    h 
=    (126,360)(9  xl2) 
=    13. 7 x 106   in. -lb 

A  =    104  in2  ,    t  =    33  in. 

Z  =   A  t/6 

=   5.5  xlO4  in3 

Therefore 

a   =    28  +  250 

=    2  78   compression 
=22  2   tension 

The   tension   stress    is    relatively  high  however  it   is    less    than  0.1   f 
which   is    a  commonly   used  measure   of   concrete   tensile  strength.    From 
an   interaction   diagram   for   the  pier,    the   ultimate  moment    (for  an 
axial    load  of  283  k)    is    approximately   12.2x10      in. -lb.      This    is 
only  slightly    lower   than   the   seismic  moment;    therf ore ,    the  pier   is 
considered  safe    for   the  postulated  seismic   environment. 

7.6   New  York   Bridge    (BR  6) 

This    three-span  simply   supported  plate   girder  bridge  with   com- 
posite  reinforced  concrete   deck    is    analyzed   for   longitudinal    seismic 
loading   only.      The   very   small  peak  horizontal   ground  acceleration  of 
0.065    g  almost   assures    that    the  structure  will  be   safe   even  without 
any   analysis.      From  an   examination   of   the   details    of   this    structure, 
the  most  critically    loaded  components    are    the   fixed  bearing  anchor 
bolts    and  the   pier   column(s)    for   the   seismic  bending  moments    at   the 
base  of   the    columns.      The   following   analysis    is    confined  to   the 
examination   of   these   components    for   pier   2. 

7.6.1  Longitudinal   Stiffness    and  Mass    Calculations  -The  hori- 
zontal  seismic   load   for  pier   2   is    derived   completely   from  the 
equivalent   inert ial    force   of   span   3.      This    is    obvious   since    span   3 
is    supported  by    fixed  bearings    at  pier   2    and  expansion  bearings    at 
abutment   2,    and  span   2   is    supported  by    fixed  bearings    at  pier   1 
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and  expansion  bearings   at   pier   2        Using  equation    (5.20),    the 
combined    pier  stiffness    is    obtained   from   the    foundation  stiffness 
k,r  =   6.44x10      lb/in.    and  the  pier   column  stiffness    (six   columns) 

k     =   3   EI/l3 

=    3    (3xl06)    1.8xl06/(31  xl2)3 
=   0.31.5  xlO6    lb/in. 

The    combined  stiffness    is 

K     =   0.3  xlO6   lb/in. 
P 

The  effective  mass    of   the  pier  is,    using  equation    (5.19a), 

M     =  A   £   y/C4. 14  g) 

P  2 

=    228   lb-sec    /in. 

where 

A  =    6    (1810),    gross    area  of  six  columns 
=   10,900   in.2 

I  =   31 x 12  =    372   in. 
Y   =   0.09    lb /in? 

The  mass    of  span   3    is 

Mb    =  w    i/g 

=  903    (1429) /386 
=   3340    lb -sec    /in. 

Using    the   combined  pier   stiffness ,    K    ,    and   the   combined  mass , 
M  =  M    +M,  ,    the   effective    frequency    for   longitudinal   seismic   re- 
sponse is    obtained  from  equation    (  5.27)    as    f  =    1.46   cps.      From 
Figure   5.29    for  a  maximum  ground  acceleration   of   1   g,    for  this 
frequency 

A  =    2.7   g  D  =    12   in. 

For  the  0.024  g  maximum  horizontal  ground  acceleration  of  the  New 
York  (BR  6)  bridge  site,  the  longitudinal  seismic  load  is  derived 
from 

a  =  0.024  (2.7)  =  0.064  g 
d  =  0.024  (12)  =  0.288  in. 
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7.6.2  Structural  Response  Analysis  for  Longitudinal  Seismic 
Load— Bearing  Analysis:   The  total  longitudinal  seismic  load  that 
must  be  resisted  by  the  bearings  is 

F  =  M,  a  =  82.5  k 

D 

The   average   anchor  bolt   shear    force   at    the    fixed  bearings    is    (two 
1-1/4  in.    diameter  bolts    per  bearing,    six  bearings)    F/12  =    6.9  k 
per  bolt.      This    is    considerably    less    than   the   shear   capacity   of 
the  bolt. 

Pier  Column  Analysis:      The   average  seismic   shear   force    for   one 
of   the  six  4   ft   diameter   columns    is 

(M    +Mb)    a/6   =    14.7  k/column 

This    produces    a  moment   at    the  base   of   the    31    ft    long   column   of 

M  =    14.7x31  xl2 

=   5,460   k- in. /column 

The   axial    load   at    the  base   of   the    column   is 

P  =    (R2  +  R3+Wp)/6 
=    276  k/column 

where 

R2   =   0.903    (120xl2)/2,    span  2    reaction 
=   650  k 

R3  =   0.903    (119xl2)/2,    span   3   reaction 
=   645  k 

W     =   363  k,    pier  weight 

Using   this    axial    load,    the  ultimate  moment    for   one    column   is 
11,800   k-in.    which   is   more   than   twice   the  maximum  seismic  moment. 

7.7   Riverside,    California  Bridge    (BR   7) 

This    eight-span   reinforced   concrete  box  girder  bridge   is   raono- 
lithically    connected   to   1   ft   thick  diaphragm  type    abutments    and 
4   ft   diameter  single   column  bents.      A   total   of   three    expansion   joint 
hinges    are   provided   in   the   superstructure  --  one   each    in   spans    2,    5 
and   7,    each    loacted  190   in.    from  bents    3,    6    and   8,    respectively. 
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Three  1-1/2  in.  diameter  by  2.5  ft  long  steel  bolts  are  provided 
across  the  joint  at  each  hinge.   The  longitudinal  column  rein- 
forcement for  bents  5  and  6  consists  of  40  number  11  bars.   The 
column  reinforcement  for  each  remaining  bent  is  33  number  11  bars . 

The  structure  has  been  analyzed  separately  for  response  to 
both  longitudinal  and  lateral  seismic  loads .   Using  engineering 
judgment,  the  critical  structural  component  is  the  base  of  the  bent 
columns  and  the  abutment  wall  for  the  combined  effects  of  seismic 
moment  and  axial  dead  loads. 

The  important  stiffness  and  weight  parameters  for  the  bents 
and  superstructure  are  summarized  in  Tables  7.5  and  7.6.   The  hori- 
zontal spring  constant  for  each  bent  foundation  is  approximately 
kf  =  10   lb /in.   Since  this  value  is  an  order  of  magnitude  higher 
than  the  bent  column  stiffnesses,  the  bents  can  be  assumed  fixed 
at  the  base.   Therefore,  the  stiffnesses  given  in  Table  7.5  are  the 
combined  or  final  stiffness  values  for  each  bent. 

7.7.1  Longitudinal  Response  Analysis— In  this  section,  analy- 
ses are  performed  for  the  longitudinal  response  based  on  two  assump- 
tions with  regard  to  the  expansion  joints.   First,  the  expansion 
joints  are  assumed  incapable  of  transmitting  forces,  and  then  the 
joints  are  assumed  to  transmit  force.   The  minimum  stiffness  of  the 
superstructure  deck  is  based  on  span  8,  there  results 

k      =  AE/Jl 

=    4888    (3  xl06)/708 
=    20.7  x  10 6    lb /in. 

Since    this   stiffness    is   more   than   two   orders    of  magnitude  higher 
than   the   largest  bent   stiffness    (Table   7.5)    the   superstructure   can 
be   assumed  as    rigid   for    longitudinal   response. 

7 . 7.1.1  Weak   Expansion  Joint  Assumption  — 

(1)    Spans    1   and   2:      For   the   longitudinal   analysis    of    this    por- 
tion  of   the   structure,      the   stiffness    is  based  on   that   of   abutment    1; 
and  bent   2.      The   longitudinal   stiffness   of   abutment    1    is    taken   as 
the  horizontal   spring   constant   of  the    foundation,    i.e., 
K-.    =    91.2  x  105    lb/in.      The   stiffness    of  bent   2    is    denoted  by   K2    and 
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the  value   is    listed  in  Table    7.5   as    0.708x10      lb /in.      The   total 
stiffness    is   k'    '   =   K^+K^  =   91.9x10      lb/in.      The  mass    is  based  on 
the  weight  of  spans    1  and  2    (W-,,    W2)    and  the   equivalent  weight   of 
bent   2    (W  «)  . 

Md)    =    (Wi  +  W2+We2)/g 

=    (362  +  335  +  14)  x  103/g 

The  equivalent    frequency    for   longitudinal   response    for   spans    1 
and   2   is    obtained  by   application  of   equation    (5.27)    as    f  =    11.3    cps . 
From  Figure  5.29    for  a  maximum  ground  acceleration   of    1   g,    for   this 
frequency 

A=3g  D=    2.5   in. 

For  the  0.16  maximum  horizontal  ground  acceleration  of  the  BR  7 
bridge  site,  the  seismic  load  is  derived  from 

a  =  0.16  (3)  =  0.48  g 

d  =  0.16  (2.5)  =  0.40  in. 

The    total    longitudinal   seismic   load   for  spans    1   and   2    is    F  =  M        a 
=    711    (0.48)    =    342  kips.      This    load   is    distributed  in  proportion   to 
the  abutment   1   and  bent   2   stiffnesses,    K-.    and  1^.      Hence,    the    entire 
force   is   essentially   resisted  by   abutment    1.      The   diaphragm   type 
abutment   consists    of  a   12   in.    thick   end   diaphragm  for   the  width   of 
the  bridge    (26    ft).       It   extends    3.5    ft  below  the  bottom  of   the  box 
girder   to   the   3.5    ft  wide   spread  footing.      Assuming   that    the   longi- 
tudinal seismic    force    is    centered  at  middepth    in  the   4.5    ft   deep 
box  girder,    the  maximum  moment    at    the  base   of    the    abutment    dia- 
phragm per   foot  of  width    is 

Fm  =  F    (3.5  +4.5/2)/26 
=75.6   k-ft/ft 

The  vertical   reinforcement   for   the   diaphragm  wall   consists    of  num- 
ber 4  bars  at  12   in.    centers,    each   face.  .i 

The  dead  load  reaction  per    foot  width  of   the   abutment    is 

P  =    (362/2)/26 
=   6.95  k/ft 
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The   eccentricity    is    e  =   F    /P  =    10.9    ft.      Since    the   eccentricity   of 
the   load   is    large   compared  with    the   diaphragm  thickness,    it    is 
conservative   to  neglect   the   axial    load   in   the   strength   calculations. 
The  ultimate  moment    for   a   1    ft  width    of   the  wall    is    approximately 
58  k-ft/ft.       Since    the  maximum  applied   seismic  moment   is    only   30 
percent  higher   than   this    ultimate,    the    abutment    is    acceptable    for 
the   bending   loads.      The   average   shear  stress    from   the   longitudinal 
seismic    load  is    F/bd  =    342/(26x12x10)    =   0.110  ksi.      This    is    only 
18  percent   higher   than   the  ultimate  shear   stress    of 

2p   /F  =    2    (0.85)/3000/1000 
=   0.093  ksi 

(2)    Spans    3 ,    4   and  5 :      Using   the   same   technique    as    for  spans    1 
and   2   and   referring   to  Table    7.5,    the    combined  stiffness    is 

K(2)    =    K,  +  K,  +K. 

3         4         5  r 

=    (0.898+0.988+0.542)  x  103 
=   2.428  xlO5    lb/in. 

The   combined  mass    is    obtained   from  the  weight   of  spans    3,    4  and  5 
and  the  equivalent  weight    of  bents    3,    4   and  5,    there   results 

M(2)   =    1298.7  x 103/g 

The   effective   frequency    is    f  =    1.35   cps .      This    frequency    results    in 
an  acceleration   and   displacement    for   the   BR   7  bridge  site   of 

a  =   0.16    (2.5)    =   0.4   g 
d  =   0.16    (13)    =    2.08   in. 

The  total  longitudinal  seismic  force  for  these  three  spans  is 

(2) 
F  =  Mv  'a.  =   520  k.   Distributing  this  force  to  each  bent  in  propor- 
tion to  their  stiffnesses  and  then  computing  the  moment  at  the  base 
of  the  column  results  in 


Moment 

Bent 

Shear  (k) 
192 

Height  ( 
334 

in, 

) 

(x  103k-in.) 

3 

64.1 

4 

212 

323 

68.5 

5 

116 

400 

46.4 
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These  will  be  compared  in  Section  7.7.3  with  the  forces  obtained 
from  other  calculations  to  determine  the  most  severe  loading  for 
the  bents . 

(3)  Spans  6  and  7:   For  these  two  spans',  the  combined  stiff- 
ness is 

K^3)    =    K,  +K7 

6         7  5 

=    (0.463  +  0.669)  xlOD 
=   1.132  x 105   lb/in. 

The    combined  mass    is    obtained  from   the  weight    of  spans    6   and    7   and 
the  equivalent  weight   of  bents    6   and    7,    Mv    '    =    869.1x10    /g.      The 
effective   frequency    is    f  =    1. 13    cps  which  results    in    the    following 
BR   7  bridge   site   acceleration   and  displacement:      a  =    0.16    (2.2) 

=   0.35    g;    d  =   0.16    (16)    =   2.56   in.      The   total   longitudinal  seismic 

(3) 
force    for    these    two  spans    is  F  =  Mv    7a  =    304  k.      Distributing    this 

force   to  the    two  bents   produces    the   following   seismic   loads : 

Moment 

Bent  Shear    (k)  Height    (in.)  (x  103k-in.) 

6  124  421  52.3 

7  180  368  66.4 

These  are  compared  in  Section  7.7.3  with  all  bent  forces  computed 
in  this  section.   The  maximum  relative  displacement  at  expansion 
joint  number  2  is  (2.08  +  2.56)  which  is  less  than  the  6  in.  bearing 
length  available. 

(4)  Span  8 :   For  this  span,  the  combined  stiffness  is  derived 
from  bent  8  and  the  horizontal  soil  structure  interaction  stiffness 
of  the  foundation  for  abutment  9 ,  the  result  is 

K  =    Kq +  Kg 

=    (1.2+91.2)  xlO5 
=   92.4  xlO5   lb/in. 

The  mass    is  merely    that  of  span    8   and  the  equivalent  mass    of  bent   8, 
M^    '   =   40  7.1x10    /g.      The   effective   frequency   is    f  =    14.9    cps   which 
results    in  a  seismic  environment    for   the   span  of 

a  =   0.16    (2.2)   =   0.35   g 

d  =   0.16    (0.09)   =   0.014  in. 
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Similar  to   the   span   1   and  2   analysis,    the    longitudinal  seismic 
force   of  F  =  M       a  =    142   k  is    resisted  almost   entirely  by   abutment   9, 
Since   abutment   9    is    identical    to   abutment    1  which  was    deemed  capable 
of  resisting   the   342  kip    load,    abutment   9    is    also   safe. 

7.7.1.2   Expansion  Joints   Transmit   Force   Assumption  —With   this 
assumption,    the   combined  stiffness    for    longitudinal   response    is    ob- 
tained  from  the   reciprocal   of   the   sum  of   the    flexibilities    that  were 
computed   for   the   four  portions    of   the  bridge    (between   the  expansion 
joints)    calculated   during   the  weak   expansion  joint   analyses.      For 
example,    the   flexibility   of   the   first  portion  of   the  bridge    (spans    1 
and  2)    is   C^    =    1/K^1^    =   1/91.9  xlO5.      Performing   the   indicated 
operation   for   the    four  portions    of   the  structure,    the   overall  stiff- 
ness   is 


K 


-  i/fc^+c^+c^+c^ 

=  0.759  xlO5    lb /in. 


Using  this  stiffness  the  equivalent  frequency  for  each  of  the  four 
portions  is  obtained  by  application  of  equation  (5.27)  where  the 
mass  is  obtained  from  the  portion  being  considered,  i.e.,  M    .  The 
resulting  frequencies  and  corresponding  longitudinal  seismic  accel- 
eration for  the  analysis  of  each  portion  are: 

*  (g) 


Portion 

Spans 

f    (cps) 

1 

1,2 

1.02 

2 

3,4,5 

0.76 

3 

6,7 

0.92 

4 

8 

1.35 

0.16(2)  =  0.32 

0.16(1.6)  =  0.26 

0.16(1.9)  =  0.30 

0.16(2.6)  =  0.42 


Since  the  accelerations  for  portions  1  and  4  are  less  than  0 . 48  g 
obtained  during  the  analysis  under  the  weak  expansion  joint  assump- 
tion, the  loads  are  less  severe  and  no  further  analysis  is  required. 
Similarly,  the  lower  accelerations  for  portions  2  and  3  also  negate 
the  need  for  further  investigations  for  longitudinal  seismic  loading, 

7.7.2  Lateral  Response  Analysis  -For  this  analysis,  the  expan- 
sion joints  are  assumed  incapable  of  transmitting  force.   The  struc- 
ture is  again  analyzed  as  four  separate  structural  portions.   The 
combined  stiffness  for  each  portion  is  obtained  from  the  reciprocal 
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where 


of  the  flexibilities  for  each  component.   For  the  lateral  response, 
this  includes  the  stiffnesses  of  the  superstructure  elements  given 
in  Table  7.6. 

(1)  Spans  1  and  2 :   For  this  portion  of  the  bridge,  the  combined 
lateral  stiffness  is  computed  from  the  flexibilities  of  abutment  1, 
C-,  =  1/K-,  ,  bent  2 ,  C?  =  1/Kp  and  those  of  spans  1  and  2  C  -,  and  C  2 . 
The  superstructure  flexibility,  C  . ,  is  computed  from  the  lateral 
stiffness  for  span  i.   The  result  is  obtained  from 

K  =  1/CC-,  +  C0  +C  -,  +C  0) 
v  1   2    si   s2 

0.606  x 105   lb/in. 

Cx  =    (91.2  xlO5)-1 
C2  =    (0.708xl05)-1 

C    ,    =    (15.4xl05)-1 

si         v  ' 

Cg2   =    (6.2  x 105)"1 

The  combined  mass  M^  '  is  the  same  as  that  used  in  the  longi- 
tudinal analysis  for  this  portion.   The  effective  frequency  for  the 
lateral  analysis  is  obtained  using  the  above  stiffness  and  mass  in 
equation  (5.27);  there  results,  f  =  0.91  cps .   The  lateral  accelera- 
tion and  displacement  for  this  portion  of  the  structure  is 

a  =  0.16  (1.8)  =  0.29  g 
d  =  0.16  (21)  =  3.36  in. 

The   lateral   seismic    load   for  bent   2    is    obtained  by   assuming   that 
the  mass    of   span    2,   half   the  mass    of   span   1   and   the   equivalent  mass 
of  bent    2   is    concentrated  at    the  top   of   the  bent.    The   resulting 
lateral  seismic    force   at   the   top   of   the  bent   is 

F2  =    (W1/2+W2+We2)    a/g 
'=    (181  +  335  +  14.3)    103    (0.29) 
=    154  k 

This    results    in   a  moment   at    the  base   of  bent   2   of   F   2   =    154    (362) 
=   55.8  xlO3  k-in. 
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(2)  Spans  3,  4  and  5:   The  combined  stiffness  for  this  portion 


is 


K  = 


[; 


L. 
i=3 


(C  +C    .) 

v    l        si 


-1 


=     0.236  x 1CT    lb/in. 

(2) 
The   combined  mass    is   M  as   previously    computed.      From  these   param- 

eters,   the   effective   frequency   is    f  =   0.422   cps  which  results    in 
a  =   0.16    (1)    =   0.16   g;    d  =   0.16    (45)   ■=    7.2   in.      For   this   portion   of 
the   structure,    the  most   critical  bent   load   is    derived  by   assuming 
that    the  mass   of   span   5,    half   the  mass    of   span    4,    and  the  equivalent 
mass   of  bent  5    is    concentrated   at   the   top   of    the  bent.      The   result- 
ing  shear   is 


F5  " 


(W4/2+W5+We5)    a/g 
(209.5 +  335 +  15.8)  (0.16) 

=   90  k 


This  load  is  less  than  the  116  k  shear  force  obtained  for  this  bent 
in  the  longitudinal  analysis;  therefore,  it  is  not  critical.   The 
7.2  in.  displacement  is  tolerable  since  it  is  much  less  than  the 
bearing  length  provided  in  the  lateral  direction. 


is 


(3)    Spans    6   and    7:      The    combined  stiffness    for   this   portion 

-1 


K  = 


-    7 

I<Ci  +  Csl> 
1-6 

=   0.257xl05   lb/in. 

(2) 
The   combined  mass    is   Mv     ■    as    computed  in    the    longitudinal   analysis. 

These  parameters   yield   the    following   appropriate  values    for   the 

lateral   response   analysis    of  spans    6   and   7 

f  =   0.54   cps 

a  =   0.16    (1.2)    =   0.19    g 

d  =   0.16    (35)     =  5.6   in. 
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The    largest   lateral  bent    load   for  this   portion   is  based  on   the 
assumption   that   the  mass    of  span   7,    half   of  span   6   and  the   equiva- 
lent mass   of  bent    7   as    concentrated  at    the   top   of   the  bent.      The 
resulting   lateral  seismic   shear   force    is 

Fy  =    (W6/2+Wy+We7)    a/g 

=    (251.5  +  335  +  14.  5)(0. 19) 
=   114  k 

Since   this    lateral   seismic   load  is    less    than   the    180   k  shear    force 
computed   in   the   longitudinal   analysis    it    is   not   critical. 

(4)    Span  8:      The   combined  stiffness    for   this    portion  of  the 
bridge    is 

K-    (C8+C9+C    g)"1 
=   1.09  x 10D   lb/in. 

The    combined  mass    is   M^    '    as    calculated   in   the    longitudinal   analy- 
sis.     These   parameters   yield   the    following  values    for   the    lateral 
analysis    of  span   8 

f  =   1.62   cps 

a  =   0.16    (3)   =   0.48  g 

d  =   0.16    (11)    =    1.76   in. 

The   lateral    load  acting  on  bent    8   is    obtained  by   assuming   that  half 
the  mass    of  span   8   and  the  overhang  portion   in  span    7  between   the 
expansion  joint   and  bent    8   is    concentrated  at   the   top   of   the   bent. 
The  resulting   lateral  seismic   shear   force    is 

Fg  =  w(    g/2  +190)    a/g 

=   0.440    (354+190)(0.48) 
=    115   k 

The   resulting  moment   at    the  base   of   the   column  is    F«    =    115    (307) 
=    35.2  xlO3  k-in. 

7.7.3   Stress   Analysis    of  Bents  -The   abutments  were  shown   to  be 
safe   for   the  seismic   loads    in  Section    7.7.2.      Since   the   4   ft   diam^. 
eter  bent   columns  have  equal   resistance    to  horizontal  seismic   loads 
in  both   the   longitudinal   and  lateral   directions ,    it    is   merely 
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Shear 
(kip) 

Moment 
(xl03k-in.) 

Thrust 
(kip) 

154 

55.8 

449 

192 

64.1 

475 

212 

68.5 

473 

116 

46.4 

485 

124 

52.3 

489 

180 

66.4 

480 

115 

35.2 

415 

necessary    to    determine    the    largest   load.      Bents    5   and  6  have   a 
higher   strength  by   virtue  of  their  heavier   reinforcement,    i.e., 
40  number   11  bars    compared  with    33  number    11  bars    for  bents    2,    3, 
4,    7    and  8.      From   the   results    of  Section    7.7.2,    the    largest  hori- 
zontal  seismic   shear   load  and  the  bending  moment   at    the   base   of   the 
column    for  each  bent   are    summarized  below,    together  with   the   axial 
dead   load   at    the  base. 


Bent 
2 
3 
4 
5 
6 
7 
8 

The  most   critical    combined  axial    and  bending   load   for   the   light- 
ly  reinforced  bents    is    for  bent    4.       For   the    473  k    axial    load   the 
ultimate  bending-  moment    is    obtained   from  an    interaction    diagram  as 
2  7x10      k-in.      The   ratio   of  the   maximum  seismic  moment   to   the    utli- 
mate  moment    is    68.5/27  =  2.54.      For  the   somewhat   stronger    column   of 
bents    5   and  6,    bent   6   has    the  highest    loading.      From  an   interaction 
diagram   for   this    column,    the    ultimate  moment   is    30.5   k-in.    and  the 
moment   ratio   is    52.3/30.5  =  1.71.       Using   the    reasoning   given    in   Sec- 
tion   5.3.4,    and  permitting  a   ductility    factor   of    5    for   the  bents, 
these   overload   factors    are   permissible   and  the  bents  will  not    fail 
from   the   combined  axial   and  bending    loads . 

The   largest   seismic   shear    load   is    the   212  k   for  bent    4.      This 
results    in   an   average   shear   stress    on    the   gross    concrete   area  of 
v  -   212/1810   =   0.117  psi.      This    stress    level   is    deemed  to  be    a  safe 
magnitude    for   the    column. 

In   conclusion,    some  yielding  and  damage   can  be    anticipated   for 
the  bents    of    this   bridge  when  subjected   to    the   postulated  seismic 
loads;    however,    no   retrofit   measures    are   required. 
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TABLE  7.1.  -SUPERSTRUCTURE  PARAMETERS  - 
LOS  ANGELES,  CALIFORNIA  BRIDGE  (BR  3) 


Span  I  9  C1  ,  *Y  ,  kX  W  =  A  Y  l 

(in.)       (deg)         L      (xlO°    lb/ in.)       (xlO°    lb/ in.)    (kip) 


1 

1347 

-15 

12 

1.57 

16.2 
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2-1 

1248 

-    2 

3 

0.53 

18.8 

878 

2-2 

300 

-   2 

3 

38.00 

78.0 

210 

3 

1164 

10 

12 

2.46 

19.5 

818 

4 

567 

18 

3 

5.15 

37.6 

39  2 

3248 

ky  = 

(cx 

E 

Iz/*3) 

cos    9 

E  =    3xl06 

psi 

kX  = 

(AE/£} 

2 

i    cos   9 

A  =    7810   : 

.    2 
m. 

I     =    1.14xl08   in^  y  =   0.09    lb/in: 


TABLE    7.2.  -BENT  PARAMETERS  -  LOS   ANGELES,    CALIFORNIA  BRIDGE    (BR  3) 


0 

Bent          * 

(in.). 

(xlO 

k 

6      p 

b   lb /in.) 

(xlO6    lb /in.) 

(xlO 

K 

6      p 

b    lb/in.) 

w  =  Ay  £ 
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1  (Abut)       - 

00 
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6.31 

- 

2                   231 

1.11 
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1.02 

84 
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14.5 

0.73 
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4                  227 

1.16 

10.2 

1.05 

83 

5  (Abut) 

oo 

7.29 

7.29 
v  4. 

14  = 

273 
=      66 

3 
k     =    3  EI/5,    ,    pier  column   stiffness 

kf  =    foundation   lateral   stiffness 

I     =    transformed  section  moment  of  inertia 

=    1.51xl06  inf^,   bent  2   and  4 

=   2.06xl06   infV   bent   3 


=    cross-sectional  area 

0' 
3 


=   tt(36)2  =   4070   in? 


Y     =0.09    lb/in 
Kp=    (1/kp+l/kf)"1 
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TABLE    7.5.  -BENT   PARAMETERS    -    RIVERSIDE,    CALIFORNIA  BRIDGE    (BR    7) 


Bent 

I 
(in.) 

k 
(x  105   lb/in.) 

W 
e 

(kip) 

2 

362 

0.708 

14.3 

3 

334 

0.89  8 

13.2 

4 

323 

0.988 

12.7 

5 

400 

0.542 

15.8 

6 

421 

0.463 

16.6 

7 

368 

0.669 

14.5 

8 

30  7 

1.155 

12.1 

k  =    3   EI/£3,   bents    2   thru  8  W     =  A£y/4.14 

E  =    3x10      psi  A  =   1810    in.,    gross    area 

I  =    3.71xl05   in4,   bents    2,3,4,  y   =   0.09    lb/in? 

7   and   8 

=  3.86xl05  in4,  bents  5  and  6 

TABLE  7.6.  -SUPERSTRUCTURE  PARAMETERS  - 
RIVERSIDE,  CALIFORNIA  BRIDGE  (BR  7) 


Span 

(in.) 

*   1* 
(in.) 
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9 
(deg) 

k      cos    9 

y6 
(x  10°    lb /in.) 

W 
(kip) 

1 
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12 
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4 

952 

12 

5 
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5 

762 

3 

-    7 
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6 
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12 
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1.48 

50  3 

7 
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3 
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8 
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89  8 
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2.34 
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7-k  v  ^ 

£      =    &,    except   as   noted.       Includes  *\  ^" 

190   in.    overhang   to  hinge  *» 

line    for  spans    3,    6    and   8 

W     -  A  y  I  *  / 

=    4888    (0.09)**  170 


^  Bent    i 


8.   CONCLUSIONS  AND  RECOMMENDATIONS 

8.1  Conclusions 

From  the  observations  made  during  this  research  program,  the 
following  conclusions  can  be  made. 

(1)  Bridges  that  are  located  in  high  risk  seismic  zones  that 
were  designed  for  earthquake  loading  according  to  the  AASHO  Design 
Criteria  may  suffer  substantial  structural  damage,  and  in  some 
cases,  collapse  can  be  anticipated.   This  conclusion  is  based  on 
analyses  performed  for  several  bridges  and  reported  in  this  docu- 
ment.  Each  bridge  was  subjected  to  a  postulated  seismic  load  of 
the  highest  severity  that  will  occur  during  the  life  of  the  struc- 
ture at  the  bridge  site. 

(2)  A  similar  conclusion  to  the  above  is  made  for  structures 
located  in  highly  active  seismic  regions  that  were  designed  for 
more  stringent  earthquake  loads  than  the  AASHO  code. 

(3)  The  current  seismic  design  criteria  for  bridges  and  the 
methods  of  analysis  for  this  loading  are  in  a  state  of  flux.   This 
conclusion  is  based  on  two  observations:   (a)  seismic  design  cri- 
teria have  changed  drastically  in  the  last  decade  for  both  build- 
ings and  bridge  structures  built  in  regions  where  the  earthquake 
risk  is  high;  and  (b)  comprehensive  methods  of  dynamic  structural 
analysis  have  not  been  used,  to  the  extent  required,  to  develop  a 
rational  system  of  simplified  seismic  design  loading  conditions 
for  various  bridge  structures.   For  example,  the  influence  of  the 
soil  material  at  the  bridge  site  and  the  vertical  earthquake  mo- 
tions are  not  included  in  design  codes;  but,  they  are  potentially 
important  factors  in  the  specification  of  seismic  bridge  loads. 

(4)  The  simplified  method  of  analysis  used  in  this  project 
for  the  seismic  analysis  of  bridges  is  an  adequate  tool  for  decid- 
ing what  type  of  retrofit  is  required,  if  any.   At  some  time  in 
the  future  when  additional  comprehensive  numerical  studies  are 
available,  the  simplified  analysis  should  be  reviewed  and  compared 
with  these  new  results  for  possible  modifications  to  the  method. 
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(5)  From  the  observed  failures  of  bridges  subjected  to  in- 
tense earthquake  loading  and  the  few  comprehensive  numerical 
studies  available,  the  predominant  modes  of  collapse  are:   (a)  sub- 
structure or  pier  failures  and  hence  loss  of  support  and  (b)  super- 
structure collapse  due  to  excessive  relative  motion  at  the  support 
bearings.   These  failure  mechanisms  can  be  identified  by  applica- 
tion of  the  simplified  method  of  analysis.   Thus,  if  the  analysis 
indicates  a  strong  potential  for  such  a  failure,  a  retrofit  proce- 
dure should  be  postulated  and  the  modified  structure  reevaluated. 

(6)  Most  bridges  can  be  modified,  if  required,  to  dramatical- 
ly increase  the  seismic  strength.   A  number  of  the  retrofit  con- 
cepts can  be  relatively  economically  implemented  especially  when 
compared  with  the  cost  of  structural  failure. 

(7)  The  philosophy  to  be  employed  for  determining  the  type 
and  need  for  a  retrofit  measure  is  one  of  a  balanced  risk  concept. 
Retrofitting  should  not  be  based  on  a  need  for  eliminating  all 
damage,  but  to  limit  the  damage  such  that  collapse  does  not  occur 
and  traffic  can  be  maintained  or  restored  after  minimal  repairs. 

A  good  deal  of  yielding  and  damage  can  be  absorbed  by  the  piers 
and  other  ductile  components  before  collapse  of  the  structure. 

(8)  Relative  longitudinal  motion  res  trainers  have  been  shown 
to  be  effective  in  reducing  the  separation  and  the  associated  po- 
tential failure  at  expansion  joints.   The  required  ductility  of 
these  devices,  according  to  the  few  comprehensive  nonlinear  analy- 
ses in  which  they  were  studied,  raises  some  question  as  to  their 
practicality  for  some  situations.   Even  though  longitudinal  re- 
strainers  may  not  eliminate  all  danger  of  collapse,  they  generally 
increase  the  seismic  integrity  of  bridges. 

(9)  For  bridges  subjected  to  a  high  seismic  risk,  vertical 
motion  res  trainers  should  be  provided  at  all  superstructure  support 
points  to  prevent  uplift  separation  at  the  bearings. 

(10)  Strengthening  of  the  supporting  substructures  (i.e.,  bents, 
piers)  may  be  required  if  excessively  large  ductility  factors  are 
required  to  withstand  the  seismic  forces. 
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(11)  The  enlargement  of  bearing  areas  to  provide  extra  width 
in  the  event  the  structure  falls  off  its  bearings  is  not  generally 
considered  to  be  a  feasible  retrofit  measure.   If  however,  the 
bearing  width  is  exceptionally  small,  this  method  may  be  required 
if  relatively  large  horizontal  motions  are  anticipated  due  to  the 
seismicity  of  the  site  and  the  dynamic  characteristics  of  the 
bridge. 

(12)  The  removal  of  a  hinge  is  an  effective  measure  in  dis- 
tributing the  longitudinal  energy  to  all  of  the  supports.   Its  feasi- 
bility depends  to  a  large  degree  on  the  construction  details  and 

the  ability  of  the  structure  to  perform  satisfactorily  under  normal 
loads. 

(13)  The  concept  of  providing  shock  absorbers  to  distribute  the 
longitudinal  seismic  energy  to  piers  with  expansion  bearings  is  a 
potentially  promising  retrofit  measure.   However,  additional  dynamic 
response  analyses  must  be  undertaken  to  determine  the  merits  and 
details  of  application  for  this  technique. 

8.2   Recommendations 

Based  on  the  results  of  this  project,  the  following  recommen- 
dations are  made. 

(1)  A  comprehensive  user  oriented  nonlinear  computer  code  for 
the  seismic  analysis  of  bridges  should  be  documented  and  be  made 
readily  available  for  research  studies. 

(2)  Additional  studies  should  be  undertaken  employing  the  above 
computer  code  to  determine  the  susceptibility  of  various  bridge  struc- 
tures to  various  strong  motion  seismic  loads.   The  influence  of  ver- 
tical and  horizontal  seismic  motion  and  phase  delay  times  of  the 
application  of  the  loading  at  the  supports  should  be  included  in 

the  study.   The  major  retrofit  concepts  described  in  this  report 
should  be  investigated  through  numerical  analyses  during  a  similar 
research  effort. 

(3)  A  research  program  should  be  undertaken  that  is  directed 
toward  defining  a  rational  decision  process  for  deciding  when  a 
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bridge  should  be  retrofitted.   This  process  involves  the  genera- 
tion of  standards  and  techniques  which  employ  statistical  methods 
to  define  (a)  a  bridge's  importance  factor,  (b)  a  screening  proce^ 
dure  to  rule  out  structures  that  are  obviously  safe,  and  (c)  the 
incorporation  of  a  damage /survivability  procedure  similar  to  the 
structural  analysis  and  retrofit  process  described  in  this  report 
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APPENDIX  A 

HORIZONTAL  AND  VERTICAL  EARTHQUAKE 
GROUND  MOTIONS  FOR  BRIDGE  ANALYSES 


Prepared  by 
J.  H.  Wiggins  Company 
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A.  1   Introduction 

Seismic  ground  shaking  environments  have  been  generated  for 
each  of  seven  bridge  sites  based  on  a  statistical  analysis  of  his- 
torical earthquake  data.   These  take  the  form  of  simulated  ground 
surface  acceleration,  velocity,  and  displacement  time  histories  for 
motion  in  the  horizontal  as  well  as  the  vertical  direction.   Estab- 
lishment of  these  motions  is  accomplished  by  the  following  procedure 

1)  First,  the  seismicity  of  the  site  is  statistically 
evaluated  based  on  historical  earthquake  data  dating 
back  as  far  as  the  mid  1600 's. 

2)  Based  on  the  seismicity  of  the  site,  most  probable 
values  of  maximum  horizontal  particle  velocity,  ac- 
celeration, and  displacement  at  hardrock  can  be 
estimated. 

3)  These  hardrock  maximum  response  values  are  then  in 
general  amplified  at  the  ground  surface  depending  on 
the  soil  conditions  encountered  beneath  the  site. 

4)  Structural  dynamic  amplification  factors  are  then 
used  to  transform  this  site  particle  velocity  spec- 
trum into  an  undamped  horizontal  velocity  response 
spectrum. 

5)  A  general  relationship  between  the  undamped  horizon- 
tal and  vertical  response  spectrum  is  used  to  gen- 
erate ah  undamped  vertical  velocity  response  spectrum 
directly  from  the  horizontal  spectrum. 

6)  Simulated  ground  surface  accelerations,  velocity  and 
displacement  time  histories  are  finally  created 
matching  these  undamped  spectra. 

This  final  representation  of  seismic  environment  may  then  be  used  as 
the  ground  motion  in  the  dynamic  analysis  of  bridges  erected  at  the 
site . 

A. 2   Site  Characteristics 

A. 2.1  Generate  Site  Seismicity  —Earthquake  activity  in  the 
United  States  has  been  systematically  recorded  since  1963  and  made 
available  by  the  United  Stated  Department  of  Commerce  -  National 
Oceanic  and  Atmospheric  Administration  (NCAA) .   Prior  to  1963  his- 
torical earthquake  information  has  been  gathered  from  the  general 
published  literature. 
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Figure  A.l  shows  a  map  of  the  United  States  noting  the  loca- 
tion of  the  seven  bridge  sites  considered  in  this  study.   Figures 
A. 2  to  A. 7  show  the  location  of  past  earthquake  epicenters  and  the 
general  location  of  fault  systems  in  the  vicinity  of  each  bridge 
site. 

A . 2 . 2  Site  Hard  Rock  Characteristics:  Peak  Acceleration, 
Velocity,  and  Displacement  —The  historical  seismicity  at  a  bridge 

site  is  used  to  predict  the  ground  motion  at  hard  rock  beneath  the 

A-l 
bridge  site.   As  described  in  Section  3.4b,    the  recorded  seismicity 

of  the  site  and  the  earthquake  return  period  sufficiently  character- 
ize the  site  so  as  to  enable  one  to  predict  an  earthquake  magnitude 
and  hypocentral  distance.   Using  calculated  site  engineering  seis- 
micities  and  a  one  hundred  year  return  period  the  Richter  Magni- 
tudes and  hypocentral  distances  were  derived. 

A  hard  rock  response  spectrum  can  be  developed  once  the  effec- 
tive Richter  magnitude  and  hypocentral  distance  are  calculated  for 

a  given  site.   The  approach  taken  is  parallel  in  concept  to  that 

A- 2 
proposed  by  Newmark  and  Rosenblueth     in  that  a  hard  rock  response 

spectrum  is  established  from  the  maximum  acceleration,  velocity, 

and  displacement  expected  at  the  site.   Figure  A. 8  shows  how  the 

hard  rock  spectrum  is  defined  in  terms  of: 

A  =  maximum  hard  rock  acceleration  (g) 
V  =  maximum  hard  rock  velocity  (in. /sec) 
D  =  maximum  hard  rock  displacement  (in.) 


A_1Lew,  H.  S. ;  Hart,  G.  C;  Pinkham,  C.  W. ;  and  Culver,  C.  "Natural 
Hazard  Evaluation  of  Existing  Buildings,"  Building  Sciences 
Series  Report  to  be  published  by  the  Center  for  Building  Tech- 
nology,  Institute  for  Applied  Technology,  National  Bureau  of~ 

Standards,  Washington,  D.C. 

A- 2 

Newmark,    N.    M.    and  Rosenblueth,    E.    Fundamentals   of   Earthquake 

Engineering, , Prentice-Hall    Inc.,    Englewood  Cliffs,    N.J.     (1971) 
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To  define  such  a  spectrum,  a  relationship  must  be  established 
between  the  Richter  magnitude  (M) ,  the  hypocentral  distance,  miles 
(r) ,  and  the  maximum  hard  rock  acceleration  (A  ),  velocity  (V  ), 
and  displacement  (D  ) .   Such  relationships  are  commonly  called 
attenuation  equations.   Two  empirical  attenuation  relations  have 
been  developed  (Ref.  A-l);  one  for  activity  west  of  the  Rocky 
Mountains  and  another  for  the  eastern  part  of  the  United  States. 
In  equation  form: 

Western  United  States  (longitude  >  105°) 

log10Vr  =  -1.625  +  0.563  M  -  1.403  log1Qr  (A.  1) 

Eastern  United  States  (longitude  <  105°) 

log10Vr  =  -2.062+0.563  M- 0.979  log10r  (A. 2) 

Hard  rock  acceleration  and  displacements  are  related  to  the  veloc- 
ity (Ref.  A-l).   The  following  equations  were  used: 

log10Ar  =  -1.5675  +  0.7718  log1QVr  (A.  3) 

log10Dr  =  -0.6144+1.1438  log1QVr  (A.  4) 

Thus,  for  a  given  site  it  is  possible  to  construct  a  hard  rock  re- 
sponse spectrum  as  in  Figure  A. 8  which  estimates  the  maximum  ex- 
pected motion  (in  terms  of  velocity,  acceleration,  and  displacement) 
that  will  occur  at  hard  rock  beneath  the  site. 

A . 2 . 3  Site  Ground  Motion  Characteristics:  Particle  Velocity 
Spectrum  —The  hard  rock  characteristics  (velocity,  acceleration, 
displacement)  described  in  Subsection  A. 2. 2  are  in  general  ampli- 
fied by  the  soil  which  lies  between  the  hard  rock  and  the  foundation 
of  the  structure.   If  the  site  hard  rock  spectrum  is  expressed  as 
a  function  of  period 

V„t>(T)  =  site  hard  rock  spectrum 

then  the  site  surface  spectrum  can  be  written  as 

VSITE(T)  =  (DA)S  *VHR(T) 

where 

(DAF)S  =  soil  dynamic  amplification  factor  (in  general 
a  function  of  period) 
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Various  methods  for  calculating  the  dynamic  amplification  fac- 
tor for  a  given  site  are  available.   These  range  from  methods  that 
consider  the  response  of  continuous,  viscous  damped,  horizontally 
layered  media  to  vertically  traveling  shear  waves,  to  methods  that 
are  based  strictly  on  static  properties  of  the  soil.   The  more  com- 
plex methods  give  dynamic  amplification  factors  which  are  a  function 
of  frequency;  however,  they  require  knowledge  of  the  dynamic  proper- 
ties of  the  underlying  soil  such  as  damping  and  measured  shear  wave 
velocity. 

When  only  limited  soil  data  are  available,  a  method  which  de- 
termines a  constant  dynamic  soil  amplification  factors  from  static 

soil  properties  is  in  keeping  with  the  boring  data.   The  method 

A- 3  A- 4 
used  in  this  study  was  developed  by  Wiggins    '     and  confirmed 

A- 5 
by  Campbell  and  Duke, 

(DAF)*te] 

where 

3 
pQ     =   average    density   of  site   soil    (lb /ft    ) 

3 
p   =  density  of  basement  rock  (lb /ft  ) 

V^u  =  average  shear  wave  velocity  of  the  site  soil  (ft/sec) 

V   =  shear  wave  velocity  of  basement  rock  (ft/sec) 

From  the  soil  borings,  the  soil  layer  density,  layer  thickness, 
and  water  content  are  ascertained.   From  these  data  an  approximate 
shear  wave  velocity  is  calculated  and  used  in  equation  (A. 5) . 


A-  3 

Wiggins,    J.    H.    The   Effect   of   Soft   Surf icial  Layering   on   Earth- 
quake   In tens ity ,    Civil   Engr .    STudies ,    Structural  Research 
Series    216,    Univ.    111.    (1961) 

Wiggins,    J.    H.    "Effects   of   Site  Conditions    on  Earthquake    Inten- 
sity," Journal   of   the   Structural   Division,    ASCE    (1964) 

A_5Campbell,    K.    W.    and  Duke,    C.    M.    "Bedrock   Intensity  Attenuation 
and  Site  Factors    from  San  Fernando   Earthquake  Records,"  Presented 
at   the   Seism. Soc.    Am.    Meeting    (May    16-19,    19  73) 
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Using  the  seismicity  characteristics,  attenuation  equations 
and  soil  boring  data  (the  latter  provided  by  IIT  Research  Institute) 
maximum  ground  particle  accelerations ,  velocities  and  displacements 
were  calculated  for  each  bridge  site.   These  results  along  with 
representative  earthquake  magnitudes  and  hypocentral  distance  are 
presented  in  Table  A. 1.   Corresponding  site  ground  motion  particle 
velocity  spectra  are  shown  in  Figure  A. 9.   These  spectra  represent 
the  lateral  component  of  ground  motion  only.   Derivation  of  ver- 
tical ground  motion  characteristics  is  discussed  in  Section  A. 3. 

A. 3   Site  Ground  Motions 

A. 3.1  General  —The  procedure  used  to  generate  artificial  earth- 

A-6 
quake  ground  motions  has  been  described.    In  this  procedure  the 

statistically  nonstationary  time  variation  in  earthquake  amplitude 
and  frequency  content  is  preserved.   Horizontal  and  vertical  arti- 
ficial earthquake  time  histories  are  generated.   Zero  percent  damped 
spectral  velocity  plots  are  used  to  characterize  the  frequency  con- 
tent of  the  horizontal  and  vertical  spectrum.   Seismic  wave  arrival 
times  and  hence  the  buildup,  strong  motion  and  die-down  phases  of 
the  accelerograms  are  estimated  using  empirical  relationships  among 
these  parameters  and  earthquake  magnitude  and  distance. 

A. 3. 2  Velocity  Response  Spectra— The  spectra  shown  in  Figure  A. 9 
represent  the  maximum  expected  site  particle  velocities  at  each  site. 
That  figure  provides  a  characterization  of  the  maximum  ground  motion 
amplitudes  (peak  acceleration,  velocity  and  displacement)  as  a  func- 
tion of  the  period  of  oscillation.   Since  the  artificial  earthquake 
simulation  procedure  requires  a  description  of  the  site  ground  motion 

power  spectral  density,  curves  of  the  type  shown  in  Figure  A. 9  are 

A-7 
not  sufficient.   Jennings  and  Housner    suggested  that  the  ground 


Saragoni,  K.  G.  and  Hart  G.  C.  "Simulation  of  Artificial  Earth- 
quakes", Journal  of  Earthquake  Engineering  and  Structural  Dynamics 
II,  pp  888-999  (April  1974) 
A_7Jennings,  P.  C. ;  Housner,  G.  W. ;  and  Tsai,  N.  C.  "Simulated 
Earthquake  Motions",  Earthquake  Engineering  Research  Report, 
California  Institute  of  Technology  (April  1968) 
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motion  spectra  can  be  obtained  using  the  zero  percent  damped 
velocity  response  spectrum  owing  to  its  similarity  to  ground  mo- 
tion power  spectrum.   Therefore,  prior  to  generating  the  arti- 
ficial earthquake  time  histories ,  both  the  horizontal  and 
vertical  zero  percent  spectra  must  be  defined. 

The  formulation  of  such  spectra  for  horizontal  earthquake 

motions  is  straightforward.   The  damping  amplification  factors 

A- 8 
used  herein  have  been  described.     Figure  A. 10  shows  the  horizon- 
tal zero  percent  damped  spectrum  obtained  for  each  bridge  site. 

Studies  finding  correlation  between  horizontal  and  vertical 

zero  percent  damped  response  spectra  are  not  available  in  the  pub- 

A-9 
lished  literature.   In  a  recent  work  by  Newmark,  Blume,  and  Kapur 

vertical  earthquake  ground  motions  were  studied  in  considerable  de- 
tail.  That  paper  discusses  the  general  shape  and  amplification 
characteristics  of  vertical  spectra,  however,  no  direct  correla- 
tion between  horizontal  and  vertical  spectra  for  a  particular  site 
were  studied.   Based  upon  research  conducted  as  part  of  this  study 
it  is  apparent  that  such  a  correlation  exists. 

Figure  A. 11  shows  the  mean  ratio  of  zero  percent  damped  verti- 
cal to  horizontal  velocity  spectra  obtained  using  historical  earth- 
quakes at  20  sites.   The  earthquakes  utilized  are  noted  (Ref.  A-l, 
Section  3 . 4B) .   The  ratio  is  between  the  vertical  and  horizontal 
component  with  the  maximum  absolute  acceleration.   Using  the  cor- 
relation factor  shown  in  Figure  A. 11  and  the  horizontal  spectrum 
shown  in  Figure  A. 10   it  follows  that  the  site  vertical  spectrum 
are  as  shown  in  Figure  A. 12. 

A. 3. 3  Ground  Motion  Time  Histories  -The  site  horizontal  and 
vertical  zero  percent  damped  velocity  response  spectra  were  used 
to  generate  the  artificial  earthquake  time  histories  shown 


A-  8 

National  Bureau  of  Standards ,  Building  Practices  for  Disaster 

Mitigation,  Building  Science  Series  46  (Feb.  1973) 

A  Newmark,  N.  M. ;  Blume,  J.  A.;  and  Kapur,  K.  K.  "Seismic  Design 
Spectra  for  Nuclear  Power  Plants",  Journal  of  the  Power  Division, 
ASCE  99(P02)  Proc.  Paper  10142,  pp  287-303  (Nov.  1933)   ~~ 
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in  Figures  A. 13  through  A. 19 .   Acceleration  versus  time  records 
were  generated  and  then  filtered  as  described  in  Ref .  A- 7  and 
then  integrated  to  obtain  the  velocity  and  displacement  response 
records  shown.   Displacement  versus  time  records  were  punched 
on  computer  cards  and  provided  as  numerical  seismic  motion  data 
for  each  of  the  seven  bridge  sites. 
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1.  Dillon,  Montana 

2.  Benicia,  California 

3.  Los  Angeles,  California 

4.  Massac  Creek,  Illinois 


5.  Anchorage,  Alaska 

6.  Ostego  County,  New  York 

7.  Riverside,  California 


FIGURE  A. 1   MAP  SHOWING  UNITED  STATES  BRIDGE  SITES 
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O    HISTORIC  (1869-1963) 

©    HISTORIC  (greater  than    M  =  6.0) 

A    RECENT   (1963-1973) 


FIGURE  A. 2   HISTORICAL  SEISMICITY  OF  DILLON,  MONTANA 
BRIDGE  SITE  (BR  1) 
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O      HISTORIC  (1836-1963) 

•      HISTORIC  (greater   than  M=6.0) 

A      RECENT   (1963-  1973) 


FIGURE  A. 3   HISTORICAL  SEISMICITY  OF  BENECIA, 
CALIFORNIA  BRIDGE  SITE  (BR  2) 
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34° 


O  HISTORIC  (1836-1963) 

•  HISTORIC  (greater  than  M  =  6.0) 

A  RECENT  (1963-1973) 

A  RECENT  (greater  than  M  =  6.0) 


FIGURE  A. 4   HISTORICAL  SEISMICITY  OF  LOS  ANGELES ,  CALIFORNIA  (BR  3) 
AND  RIVERSIDE,  CALIFORNIA  (BR  7)  BRIDGE  SITES 
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O     HISTORIC  (1811 -1963) 

©     HISTORIC   (greater  than  M  =  6.0) 

A      RECENT  (1963-1973) 


FIGURE  A. 5   HISTORICAL  SEISMICITY  OF  MASSAC  CREEK,  ILLINOIS 
BRIDGE  SITE  (BR  4) 
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O  HISTORIC  (1899-  1963) 

•  HISTORIC  (greater  than  M=6.0) 

A  RECENT  (1963-1973) 

A  RECENT  (greater  than  M  =  6.0) 


FIGURE  A. 6   HISTORICAL  SEISMICITY  OF  ANCHORAGE,  ALASKA 
BRIDGE  SITE  (BR  5) 
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O  HISTORIC  (1638-1963) 

O  HISTORIC  (greater  than  6.0) 

£  NO  RECENT  DATA  (12-63- 1973)  FOUND 


FIGURE  A. 7  HISTORICAL  SEISMICITY  OF  OSTEGO  COUNTY, 
NEW  YORK  BRIDGE  SITE  (BR  6) 


192 


o 

o 


cc 
I— 
o 

n_ 
o 

Q 


PERIOD 


FIGURE  A. 8   HARD  ROCK  RESPONSE  SPECTRA  ON  TRIPARTITE  LOG- LOG  PLOT 
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FIGURE   A. 9      SITE    GROUND  MOTION    PARTICLE  VELOCITY    SPECTRA 
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FIGURE  A. 10   ZERO  PERCENT  DAMPED  RESPONSE  SPECTRA  -  HORIZONTAL  MOTIONS 
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FIGURE  A. 12   ZERO  PERCENT  DAMPED  RESPONSE  SPECTRA  -  VERTICAL  MOTIONS 
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FIGURE  A. 13a   DILLON,  MONTANA  SIMULATED  GROUND  MOTION  -  HORIZONTAL 
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FIGURE  A. 13b   DILLON,  MONTANA  SIMULATED  GROUND  MOTION  -  VERTICAL 
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FIGURE  A. 15a   LOS  ANGELES ,  CALIFORNIA  SIMULATED 
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FIGURE  A. 16a  MASSAC  CREEK,  ILLINOIS  SIMULATED  GROUND  MOTION  -  HORIZONTAL 
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FIGURE  A. 16b   MASSAC  CREEK,  ILLINOIS  SIMULATED  GROUND  MOTION  -  VERTICAL 
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FIGURE  A. 17a   ANCHORAGE,  ALASKA  SIMULATED  GROUND  MOTION  -  HORIZONTAL 
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FIGURE  A. 17b  ANCHORAGE,  ALASKA  SIMULATED  GROUND  MOTION  -  VERTICAL 
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FIGURE  A. 18a   OSTEGO  COUNTY,  NEW  YORK  SIMULATED  GROUND 
MOTION  -  HORIZONTAL 
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APPENDIX  B 
FIBER  REINFORCED  CONCRETE 

Prepared  by 
James  L.  Lott 
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B.  1   General 

Fiber  reinforced  concrete  is  well  suited  for  some  bridge  retro- 
fitting because  of  a  more  ductile  behavior,  higher  ultimate  tensile 
strengths,  improved  crack  resistance  and  higher  impact  resistance 
than  corresponding  concrete  without  fiber  reinforcement.   The  addi- 
tion of  discrete  fibers  to  a  concrete  modifies  the  properties  of 
the  fresh  concrete  and  requires  special  considerations  when  using 
standard  construction  techniques  of  the  concrete  industry.   Poten- 
tial applications  of  various  fiber  reinforced  concrete  for  bridge 
retrofitting  are  identified  in  this  appendix. 

B.l.l  Materials  —  Fiber  reinforced  concrete  is  a  composite 
material  consisting  of  matrix,  fine,  or  fine  and  coarse  aggregates, 
and  discontinuous  discrete  fibers .   The  matrix  material  is  the 
binder;  the  aggregates  are  economic  fillers,  that  provide  volume 
stability  to  the  composite;  and  the  fibers  improve  the  mechanical 
properties  of  the  material  through  the  transmission  of  tensile 
forces  in  the  region  of  microcracking  in  the  matrix.   The  majority 
of  experience  with  fiber  reinforced  concrete  in  the  United  States 
has  been  with  portland  cement  matrix,  normal  weight  aggregates , 
and  steel  fibers. 

Matrix:   Portland  cement,  regulated- set  cement,  and  various 
polymers  have  been  used  as  the  matrix  materials.   Portland  cement- 
fiber  reinforced  concrete  is  a  modification  of  typical  portland 
cement  concrete  that  has  been  developed  for  improved  ductility  and 
tensile  behavior.   Regulated-set  cement-fiber  reinforced  concrete 
has  been  developed  to  provide  both  improved  ductility  and  tensile 
behavior  and  also  a  rapid  gain  in  strength.   While  polymer  con- 
cretes have  been  widely  studied,  there  has  been  only  limited  inves- 
tigations of  polymer  concrete- fiber  reinforced  concrete  and  the 
corresponding  improvement  in  ductility. 

Aggregates :   Normal  portland  cement  aggregates  such  as  sand 
and  gravel  or  crushed  stone  have  been  used  in  most  fiber  reinforced 
concretes.   The  maximum  aggregate  size  has  often  been  limited  to 
3/8  in.  or  less  in  an  attempt  to  improve  fiber  effectiveness. 
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Other  materials  such  as  fly-ash  and  fillers  for  polymers  have  been 
incorporated  in  fiber  reinforced  concretes. 

Fibers :   Many  types  of  fibers  have  been  studied  relative  to 
improved  properties  of  fiber  reinforced  concrete.   Only  steel  and 
glass  fibers  will  be  considered  for  bridge  retrofitting  because  of 
high  stiffness  relative  to  matrix  stiffness.   Steel  fibers  have 
typical  dimensions  of  0.25  to  3.0  in.  for  length,  and  of  10  to 
30  mils  for  diameters  of  round  fibers ,  and  of  6  to  35  mils  for  cross 
Sections  of  flat  fibers.   Typical  glass  fibers,  chopped  strand,  have 
diameters  of  0.2  to  0.6  mils  and  are  usually  bonded  together  to  form 
bundles  or  elements  with  diameters  of  0.5  to  50  mils.   Special  al- 
kali resistant  glass  fibers  have  been  developed  for  use  with  port- 
land  cements. 

B.1.2  Retrofit  Applications  —  The  application  of  fiber  rein- 
forced concrete  to  bridge  retrofitting  may  be  divided  into  three 
general  cases  based  on  the  functional  requirements  of  the  hardened 
concrete.   The  three  cases  correspond  to  the  utilization  of  new 
concrete  to  provide  hinge  restraint,  to  strengthen  existing  columns, 
and  to  provide  additions,  extensions  and  grout ings  where  bond  inter- 
action with  the  existing  structure  is  the  primary  consideration. 

Expansion  Joint  Elimination:   Moment  and  force  transfer  at 
the  location  of  existing  expansion  joints  may  be  accomplished  by 
the  fabrication  of  a  posttensional  joint.   The  new  concrete  that 
is  placed  in  the  region  of  the  existing  expansion  joint  is  postten- 
sional after  the  concrete  has  cured  and  developed  adequate  strength. 

Service  functional  requirements  of  the  new  concrete  are  low 
creep  deformations  to  prevent  loss  of  pres tress ing  force  across  the 
eliminated  joint  and  high  tensile  strength  to  accommodate  anchorage 
stress  concentrations.   Rapid  strength  development  may  be  required 
if  the  bridge  must  remain  open  to  traffic  and  if  high  live  load 
stresses  occur  in  the  new  concrete  regions  without  prestress ing . 

Both  portland  cement  and  regulated-set  cement- fiber  reinforced 
concrete  are  well  suited  for  the  elimination  of  expansion  joints. 
Final  material  selections  would  be  based  on  the  possible  requirement 
for  rapid  strength  gain.   Polymer- fiber  reinforced  concrete  are  not 
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suited  for  concepts  employing  prestressing  because  of  the  poten- 
tial loss  of  prestressing  force  because  of  the  time- dependent 
deformations  of  polymer  materials. 

Column  Strengthening:   Existing  reinforced  concrete  column 
capacity  may  be  increased  in  shear,  flexure,  and  axial  load  by 
the  addition  of  a  combination  of  longitudinal  and  transverse  re- 
inforcing bars  and  a  layer  of  new  concrete.   Details  of  the  new 
reinforcement  must  ensure  that  the  strengthening  materials  are 
effective  in  the  end  regions  of  the  column,  where  moments  are 
maximum . 

Service  functional  requirements  of  the  new  concrete  are  re- 
lated to  live  loadings  rather  than  dead  loads.   The  existing  rein- 
forced concrete  columns  have  already  experienced  elastic  and  time- 
dependent  deformations  in  response  to  dead  loads,  when  the  column 
modifications  are  made.   Thus,  the  new  concrete  will  respond  to 
the  repeated  traffic  loadings  and  to  lateral  loadings  of  short 
duration,  such  as  earthquake  loadings.   The  new  concrete  should  have 
high  compressive,  tensile  and  shear  strength  and  ductility  and 
should  develop  reasonable  bond  strength  with  the  existing  column. 

Portland  cement  regulated-set  cement  and  polymer- fiber  rein- 
forced concretes  are  all  well  suited  to  strengthen  columns  with 
respect  to  lateral  loads.   The  use  of  portland  cement  may  require 
that  the  bridge  be  closed  to  traffic  as  the  cement  gains  strength 
through  hydration.   The  magnitude  of  column  deformations  in  response 
to  traffic  loadings  should  be  determined  to  evaluate  potential  dam- 
age to  immature  concretes  and  to  the  bonding  surface  between  old 
and  new  concrete. 

Other  Applications :   The  use  of  new  concrete  for  additions  and 
extensions  for  bridge  retrofitting  requires  both  reasonable  mechani- 
cal properties  and  adequate  bonding  to  existing  concrete  to  ensure 
structural  interaction  of  old  and  new  components  and  also  to  provide 

protection  from  the  environment.   Polymer  concretes  bond  well  to 

R- 1 
existing  concretes  when  surfaces  are  properly  prepared. 
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Lott,    J.    L. ;    Naug,    D. ;    and  Howdyshell ,    P.    "Polymer   Concrete- 
Reinforced  Concrete   Composite  Beams",    Polymers    in   Concrete,     Publ. 
SP-40,Amer.    Concrete   Inst.,    Detroit,    Mich.,    pp   295-318    (1973) 
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Portland  cement  overlays  bond  well  to  existing  concretes  with  proper 
surface  preparation,  and  the  bonding  surface  between  thin  overlays 

and  test  beams  was  not  damaged  by  cyclic  loadings  while  the  overlay 

R-  2 
concrete  was  immature.    All  three  fiber  reinforced  concrete  could 

be  used  for  these  miscellaneous  applications.   The  improved  strength 
and  ductility  of  these  concretes  will  reduce  the  required  size  of 
the  modifications,  which  could  be  an  important  consideration  in  cer- 
tain cases . 

B.1.3  Construction  Techniques  —Fiber  reinforced  concrete  may  be 
placed  by  standard  cas t- in -place  techniques  or  by  pumping  with  either 

TJ  _  O   -D  _  A 

normal  forms  or  slip-forms.   '     Spray  techniques  have  been  used  to 

R-  S 
place  surface  coatings  of  portland  cement  and  glass  fibers     and 

are  standard  for  fiber  glass,  a  composite  of  polymer  and  glass  fibers 

but  no  aggregates  typical  of  concretes. 

B.2   Portland  Cement  -  Fiber  Reinforced  Concrete 

Fiber  reinforced  concretes  require  a  greater  amount  of  fine  mate- 
rials than  plain  concretes  do  to  achieve  required  workability.   Typi- 
cal mix  proportions  for  fiber  reinforced  concrete  with  3/8  in.  maxi- 
mum size  aggregate  are  shown  in  Table  B.l  (Ref.  B-3) .   The  high  cement 
contents  can  be  reduced  by  using  fly  ash.   The  workability  is  improved 
without  adverse  effects  on  strength.   A  typical  fly  ash  mix  is  shown 

in  Table  B.2  (Ref.  B-3).   A  fly  ash  mix  with  3/4  in.  maximum  size 

B-6 

aggregates  has  been  used  for  pavement  overlays. 
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Furr,  H.  and  Ingram,  L.  "Concrete  Overlays  for  Bridge  Deck  Re- 
pairs , "  Highway  Research  Record  400,  Bridge  Design  Construction 
and  Repair,  Highway  Research  Board,  Washington,  DC.  ,  pp  93- 104" , 
(1973) 
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ACI   Committee   544,    "State   of    the  Art  ReDort   on  Fiber  Reinforced 

Concrete,"  ACI   Journal,    Proceedings    70(11),    pp    729-744    (Mov.    1973) 
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Gray,    B.    H.    "A  Discussion  of  Field  Considerations,    Fibrous    Concrete 

Construction  Material    for   the   Seventies,    Conference   Proceedings," 
Army   Construction   Engineering  Research  Laboratory,    Champaign ,    111. , 
pp   39-54    (Dec.    1972) 
R-  S 

Marsh,    H.    N.    Jr.    "Glass    Fibers    in   Concrete    -   The   Current    Status," 

Fibrous    Concrete,    Construction,    pp    83-100    (Dec.    1972) 
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Parker,    F.    Jr.     "Construction  of  Fibrous    Concrete   Overlay   Tampa 

International  Airport,"   Fibrous    Concrete,    pp    177-198    (Dec.    1972) 
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The  fibers  must  be  uniformly  dispersed  throughout  the  mix.  This 
This  is  best  achieved  with  steel  fibers  by  blending  the  fibers  with 
the  aggregates  before  changing  the  mixer,  otherwise  they  tend  to 
ball  during  mixing.   The  glass  fibers  have  less  tendency  to  ball 
and  may  be  added  last  directly  to  the  mixer. 

Standard  construction  techniques  may  be  used  with  fiber  rein- 
forced concrete  for  placing  and  curing  the  concrete.   More  vibra- 
tion is  usually  required  to  place  fiber  reinforced  concrete  than 
than  normal  concretes.   External  vibration  will  tend  to  prevent 
fiber  segregation.   Pumping  and  spraying  of  fiber  reinforced  con- 
cretes have  been  demonstrated. 

B.2.1  Mechanical  Properties  —Unique  properties  of  fiber  rein- 
forced concrete  which  find  application  to  bridge  retrofitting  are 
the  isotropic  nature  of  the  fiber  reinforcement  and  the  post  cracking 
ductility  of  the  fiber  concrete.   Typical  material  proterties  of 
fiber  reinforced  concrete  have  been  summarized  and  referenced  in 
the  report  of  ACI  Committee  544  (Ref.  B-3).   Important  properties 
relative  to  bridge  retrofitting  are  as  follows : 

Static  Strength:   Actual  static  strength  properties  are  a 
function  of  "fiber  geometry  and  volume  content  as  well  as  the  im- 
portant plain  concrete  parameters  such  as  water-cement  ratio. 
Strengths  are  usually  compared  to  the  strength  of  plain  concrete 
control  specimens. 

Steel  fiber  contents  in  the  range  of  1  to  2  percent  are  prac- 
tical with  respect  to  workability  of  fresh  concrete  and  strength 
of  hardened  concrete.   Steel  Fiber  reinforced  concretes  have  first 
crack  flexural  strengths  on  the  order  of  1.5  times  the  unreinforced 
concretes  and  ultimate  flexural  strengths  on  the  order  of  2.0  times 
the  strength  of  unreinforced  concretes.   The  increase  in  ultimate 
compressive  strength  is  about  2.7  times  (Ref.  B-5). 

Impact  Strength:   Dynamic  strengths  of  steel  fiber  reinforced 
concretes  have  been  reported  to  be  from  five  to  10  times  greater 
than  for  unreinforced  materials  subjected  to  various  types  of  load- 
ings.  The  impact  strength  improvement  for  1.5  percent  by  volume 
of  fiber  fibers  was  about  5.5  times  (Ref.  B-5). 
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Fatigue  Strength:   Steel  fiber  contents  of  2  to  3  percent  by 
volume  have  resulted  in  fatigue  strengths  of  90  percent  of  the 
first  cracking  strength  at  2x10   cycles  and  of  50  percent  of  first 
cracking  strength  at  10x10   cycles  for  nonreversal  of  loads  and 
73  percent  of  first  cracking  strength  at  2x10   cycles  of  reversed 
loading.   Fatigue  crack  growth  behavior  has  not  been  reported. 

Volume  Change:   Limited  test  data  suggest  that  fiber  reinforce- 
ment has  no  significant  effect  on  the  creep  behavior  of  port  land 
cement  mortars.   This  implies  that  the  fibers  also  have  little  ef- 
fect on  shrinkage,  although  shrinkage  cracking  should  be  reduced. 

B.2.2  Applications  —Fiber  reinforced  concretes  with  improved 
static  and  impact  strengths  and  ductility  should  be  an  effective 
material  for  bridge  retrofitting.   Studies  of  various  fiber  rein- 
forced concrete  applications  provide  insight  into   behavior  of  pro- 
posed retrofit  details. 

The  use  of  fibers  to  reinforce  portland  cement  concrete  in 
reinforced  concrete  beams  provides  ubiquitous,  isotropic  improve- 
ment of  material  properties.   This  improvement  may  reduce  the  poten- 
tial of  several  types  of  distress  in  reinforced  concrete  beams. 

The  compressive  strength  and  ductility  of  fiber  reinforced  con- 
crete permits  the  development  of  plastic  hinges  (Ref.  B-3) .   The 

use  of  fibers  in  reinforced  concrete  beams  to  improve  the  compressive 

R-  7 
behavior  has  been  found  to  be  economical. 

Laboratory  studies  indicate  that  steel  fiber  reinforcement* can 
be  used  in  place  of  stirrups  for  shear  reinforcement  of  frames, 
beams,  and  slabs  (Ref.  B-3).   The  postcracking  behavior  of  fiber 
reinforced  concrete  provides  tensile  force  transfer  across  the  shear 
diagonal  tension  cracks  and  delays  the  growth  of  these  cracks. 


R  7 
"Williamson,  G.  R.  "Compression  Characteristics  and  Structural 

Beam  Design  Analysis  of  Steel  Fiber  Reinforced  Concrete , "U. S 

Army  Construction  Engineering  Research  Laboratory,  Champaign, 

111. ,  pp  1-45  (Dec.  1973) 
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The  improved  tensile  properties  of  fiber  reinforced  concrete 
modified  the  interaction  between  concrete  and  standard  reinforce- 
ment deformed  rebars  or  prestressing  steel.  The  postcracking  ten- 
sile behavior  of  the  fiber  reinforced  concrete  holds  the  concrete 
around  the  reinforcement  reducing  splitting  distress  and  provides 
crack  control  by  reducing  crack  widths  at  a  given  stress  level  in 
the  reinforcement.  With  2  percent  by  volume  of  steel  fibers  the 
increase  in  stress  level  of  the  reinforcement  increased  44  percent 

for  a  crack  width  of  0 . 3  mm  and  9  8  percent  for  a  crack  width  of 

«  -,  B-8 

0  . 1  mm . 

Column  Strengthening:   The  lateral  capacity  of  existing  columns 
can  be  improved  through  the  utilization  of  fiber  concrete  layers 
cast  around  the  existing  column  and  additional  transverse  and  longi- 
tudinal reinforcement.   The  behavior  of  the  column  retrofit  would  be 
related  to  the  various  aspect  of  beam  behavior.   The  strength  and 
ductility  of  the  compression  zone  of  concrete  would  be  increased 
by  fiber  reinforcement;  the  shear  strength  of  the  cross  section 
would  be  improved  by  the  posttension  cracking  behavior  of  the  fiber 
concrete;  and  the  concrete-rebar  interaction  in  the  tension  zone 
would  be  improved.   Thus,  increased  capacities  should  be  possible 
for  a  given,  increased  column  size  with  fiber  concrete  more  so  than 
with  normal  concrete. 


R-  8 
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B.3      Regulated-Set   Cement -Fiber   Reinforced   Concrete 
Steel   fiber   reinforced.,    regulated-set   cement   concrete  has 

R—  Q    R- 1  0    R— 1  1 
been   studied   for  use  with   tunnel    linings."     '  '  The   applica- 

tion of  the  material  to  tunnel  linings  would  make  use  of  concrete 
pumping  and  slip-forms.  The  same  concepts  would  be  applicable  to 
bridge   retrofitting  when   the    facility  must  be   kept   open   to   traffic. 

The  regulated-set    cements   are  modified  portland   cement   with   a 
substantial   amount   of   a  ternary    compound    (essentially   a   calcium  halo- 
aluminate).      The   ternary   compound   is   highly   reactive  with  water   and 
hydrates    rapidly   and  will    flash   set.       Setting   is    controlled  with    the 
addition   of  plaster.       The   set   time   and   the  rate  of  strength    gain   are 

controlled  by    the   relative   amounts    of   the    ternary    compound   and 

R— 12 

plaster.      The  placement  of  fiber  reinforced  concrete  by  pumping 

is  related  to  aggregate  gradation  and  post  contact  and  fiber  geom- 
etry and  content.   Laboratory  studies  have  been  conducted  to  deter- 
mine pumpable  mix  designs  for  various  fiber  contents  (Ref.  B-10). 

One  hour  strengths  for  a  six-bag  concrete  mix  with  15  minutes 
for  handling  are  about  250  psi  with  5  percent  of  the  ternary  com- 
pound and  300  psi  with  50  percent  of  the  ternary  compound. 
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B.3.1  Mechanical  Properties  -  The  strength  properties  of  regula- 
ted set  cement-fiber  reinforced  concretes  are  similar  to  portland 
cement-fiber  reinforced  concretes.   Static  compressive  and  tensile 
properties  have  been  studied  (Refs .  B-9  to  B-ll). 

Because  of  the  potential  effect  of  cement  composition  on  time- 
development  deformations,  the  creep  behavior  of  regulated  set 
cement  fiber  reinforced  concretes  has  been  studied  (Ref.  B-9).   The 
observed  creep  strains  for  the  regulated-set  cement- fiber  reinforced 
concrete  were  with  the  spectrum  of  reported  creep  strains  for  plain 
concrete.   Thus  based  on  limited  test  data  it  appears  that  the  time- 
dependent  behavior  of  regulated-set  cement  and  portland  cement  con- 
cretes are  similar. 

B.3.2  Applications  —Regulated-set  cement- fiber  reinforced  con- 
crete may  be  utilized  for  the  same  applications  as  portland  cement- 
fiber  reinforced  concretes  with  the  added  application  to  facilities 
that  must  be  kept  open  even  though  live  load  stresses  occur  in  the 
retrofit  concrete. 

B.4  Polymer  Fiber  Reinforced  Concrete 

Polymer  concrete  is  a  composite  material  consisting  of  a  poly- 
mer matrix  and  particulate  fillers.   Polymer  concretes  are  prepared 
by  the  integral  mixing  of  a  polymerizable  material,   such  as  monomer 
or  resin,  and  aggregate.   Polymerization  is  usually  obtained  through 
a  catalyst-promoter  system  without  the  introduction  of  radiation 
or  thermal  energy.   Various  polyester,  epoxies ,  furans ,  and  PMMA 
have  been  used  as  the  matrix  of  polymer  concrete  because  of  the 
reasonable  compromise  between  relative  ease  of  polymerization  and 
desirable  properties. 

Polymer  concretes  differ  from  portland  cement  concretes  in  that 
only  polymeric  materials  are  utilized  as  the  binder  or  matrix  of 
the  concrete.   The  physical  characteristics  of  the  polymers  are  in 
general  dissimilar  to  the  physical  characteristics  of  hardened  port- 
land  cement  paste,  and  the  properties  of  polymer  concrete  are  in 
general  dissimilar  to  the  properties  of  portland  cement  concretes. 
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The  addition  of  steel  or  glass  fibers  improve  the  ductility 
of  the  polymer  concrete  in  tension  and  in  compression.   Glass 
fibers  may  be  selected  that  have  been  developed  to  be  compatible 
with  given  polymers . 

Mixing  and  placing  techniques  for  polymer  concrete  and  polymer 
fiber  reinforced  concrete  have  been  based  on  existing  equipment  and 
techniques  of  portland  cement  concretes.   Because  of  relatively 
high  cost  of  monomers  and  resins  mix  designs  have  been  directed  to- 
ward aggregate  gradations  that  reduce  void  volumes  and  thus  matrix 
material.   Sand,  gravel,  crushed  stone,  and  finely  divided  mate- 
rials such  as  powdered  chalk  and  fly  ash  have  been  used  as  aggre- 
gates.  Aggregates  should  be  dry  to  allow  polymerization  to  occur. 
Standard  forms  are  used  with  polymer  concrete,  but  special  consider- 
ation must  be  given  to  mold-releasing  agents. 

Polymerization  is  an  exothermic  reaction,  and  temperature  of 
polymer  concrete  increases  during  curing.   Temperatures  for  epoxy 
and  polyester  concretes  with  10  to  16  percent  resin  reached  peak 
values  of  120  to  140°F  within  the  first  eight  hours  of  curing." 

B.4.1  Mechanical  Properties  —The  response  of  polymer  concrete  <:. 
to  mechanical  stress  is  strongly  influenced  by  the  viscoelastic  be- 
havior of  the  polymeric  matrix  material.   The  response  of  amorphous 
polymers  to  mechanical  stress  is  complex,  and  is  temperature- 
dependent  as  well  as  time-dependent,  and  is  a  function  of  the  mole- 
cular structure -- both  short  and  long  range.   The  response  of  dif- 
ferent types  of  polymers,  such  as  the  mean  length  of  the  PMMA  mole- 
cular chains . 

Idealized  response  of  polymer  concrete  to  uniaxial  load  is  time- 
dependent  as  load  duration  approaches  zero,  viscous  deformations  of 
the  polymeric  matrix  material  also  approach  zero.   Thus,  the  stress- 
strain  relationship  is  linear  until  the  initiation  of  microcracking , 


Goymayer,  H.  G.  "Use  of  Epoxy  or  Polyester  Resin  Concrete  in 
Tensile  Zone  of  Composite  Concrete  Beams,"  U.S.  Army  Engineer 
Waterways  Experiment  Station,  Vicksburg,  Miss.,  pp  1-43, 
(March  1969) 
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which  is  associated  with  stress  concentrations  caused  by  the  mis- 
match of  matrix  and  aggregate  mechanical  properties.   Relatively 
long  duration  of  load  allow  viscous  deformations  to  occur  in  the 
matrix  material.   A  nonlinear  stress-strain  relationship  results 
initially  from  the  viscous  deformations  and  then  from  microcracking , 
which  is  initiated  at  a  lower  stress  level  and  at  a  higher  strain 
than  for  the  dynamic  case.   There  is  a stres s- threshold  above  which 
the  creep  strain  become  unstable,  and  the  polymer  concrete  will 
creep  to  failure.   This  threshold,  the  long-time  strength,  is  ap- 
proximately one-half  of  the  short- time  strength. 

Most  strength  and  deformation  data  for  polymer  concrete  have 
been  determined  from  strength  tests  to  short  duration  and  creep 
tests  at  stress  levels  below  the  long-term  strength.   The  resulting 
stress-strain  relationships  do  not  reflect  the  magnitude  of  the 
viscous  deformations  which  might  occur  under  service  loadings,  and 
the  reduced  strength  associated  with  extended  durations  of  loadings. 
Further,  the  effects  of  environments  other  than  laboratory  condi- 
tions on  the  response  of  polymer  cement  to  mechanical  stress  have 
not  been  studied  in  detail. 

Representative  properties  of  polymer  concretes  based  on  tests 

of  short  duration  are  presented  in  Table  B-3  for  comparison  with 

B-14      "i 
properties  of  portland  cement  concretes.      Strengths  will  tend 

to  decrease,  and  actual  deformations  will  tend  to  be  larger  than 

those  computed  from  the  modulus  of  elasticity  when  the  duration  of 

loading  exceeds  the  duration  of  laboratory  tests . 

Mechanical  properties  are  dependent  on  the  relative  volumes 
of  any  given  polymer  matrix  material,  fillers,  and  fibers.  Modulus 
of  elasticity,  compressive  and  flexural  strength,  and  density  tend 
to  increase  with  increased  filler  content  until  compaction  becomes 
difficult,  then  these  properties  tend  to  decrease  with  further  in- 
crease in  aggregate  content.  Fibers  increase  tensile  strength  and 
ductility. 


■d  i  / 
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Thermosetting   polymers,    such  as   polyester   and   epoxy ,    exhibit 
shrinkage  during  hardening.      The   shrinkage  associated  with  harden- 
ing  of   the  matrix   is    reduced  by   increasing    the  amount   of  aggregate 
filler.       Polyester  resins    tend  to  have    larger  shrinkage   strains 
than   epoxy   resins. 

Thermosetting   polymers   have   thermal    expansion   coefficients 
which  are  high   relative   to  portland  cement   concrete.      The    thermal 
expansion   coefficient  decreases   with   the   addition  of  aggregate   filler, 
and   the   thermal   expansion   coefficient    of   polymer   concrete  is    on   the 
order  to  20   to  30xlO"6/°C. 

Polymer- fiber   reinforced   concretes   have  been   tested  only  on  a 
limited  basis.      Polyester   concrete    -   steel    fiber  reinforced  con- 
crete has   been   reported  with    10,000  psi   uniaxial   compressive  strength 
at  a   strain   of   0.01   in. /in. 

B.4.2  Applications  —The  use  of  polymer-fiber   reinforced   con- 
crete should  be   limited  to   the   strengthening   of   existing  reinforced 
columns ,   because   of   the   time -dependent    deformations    of   the   polymer 
matrix. 

Insights   into   the  behavior   of   the   strengthening   columns    is 
obtained  from  laboratory   tests    of  several   different    types   of  beams. 
The  shear   and   flexural  behavior   of   conventionally   reinforced  poly- 

T3_  1  C   T)  _  "I  C. 

ester  concrete  beams  has  been  studied."   '  "    The  behavior  of 
polymer  concrete  which  was  cast  around  the  tension  reinforcing  bars 
of  a  beam  (Ref.  B-13)  and  the  behavior  of  a  polymer-fiber  reinforced 
concrete  case  as  the  compression  region  on  a  conventional  reinforced 
concrete  beam  (Ref.  B-l)  have  been  studied.   The  response  of  all 
beams  to  loading  of  short  duration  was  reasonable  when  compared  to 
typical  reinforced  concrete  beams.   In  the  cases  of  polymer  con- 
cretes loading  to  existing  portland  cement  concrete,  the  interface 
between  the  two  concretes  was  not  a  weak  link  in  the  beam  behavior. 
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TABLE  B.l.  -TYPICAL  PROPORTIONS  FOR  NORMAL  WEIGHT 
FIBER  REINFORCED  CONCRETE  (REF .  B-3) 


Cement 

Water/ cement  ratio 

Percentage  of  sand  to  aggregate 

Maximum  aggregate  size 

Steel  or  glass  fiber  content 

Air   content 


550    to  950    lbs/cu  yd 

0.4  to   0.6 

50  to  100  percent 

3/8  in. 

0.5  to  2.5  percent  by  volume 

6  to  9  percent 


TABLE  B.2.  —TYPICAL  FLY  ASH  FIBROUS  CONCRETE  MIX  (REF.  B-3) 


Cement 

Fly  ash 

Water/cement  ratio 

Percentage  of  sand  to  aggregate 

Maximum  aggregate  size 

Steel  fiber  content 

Air   entraining   and 
water   reducing   agents 


490   lbs/cu  yd 

225    lbs/cu  yd 

0.54 

50   percent 

3/8   in. 

1.5   percent  by  volume 

Manufacturer's 
recommendation 
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APPENDIX  C 
BRIDGE  DESCRIPTIONS 
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C.  1      Introduction 

The  main   details    of   the   seven  bridges    involved   in    this    study 
are    described  and   illustrated.       Details    include  bridge    type,    over- 
all  dimensions    of  superstructure   and   substructure    components , 
descriptions    of   typical   superstructure   and  substructure   cross    sec- 
tions,   bearing   details,    and  bridge   site   soil    conditions. 

The   superstructure   and  substructure   cross-sectional  properties 
are   summarized  in  Table   C.l.       The  parameters    tabulated  are  A,    I-,  , 
I~ ,    and  w.      A   is    the    cross-sectional   area.       If   the   amount   of  steel 
in   the   cross    section    is    sufficiently    large,    the    transformed  area 
is    given.      This    is  noted  by    "(t)"   after    the   entry.       I,    is    the   second 
moment    of    the   area   about   the    lateral   axis    for    the    superstructure, 
and   about    the   long    (or  weak)    axis    for   the   piers    and  bents.       1^    is 
the   second  moment   of    the   area   about    the  vertical   axis    for   the  super- 
structure,   and  about   the    short    (or   strong)    axis    for   the   piers   and 
bents.      The  weight  per  unit    length  of    the   superstructure    components 

is  w.    For    the   substructure    components,    the   cross-sectional  area    (A) 

3 
and  a   density   of   0.09    lb/in.    can  be   used   to   determine    the  essential 

weight  parameters    for  most  of   these   elements. 

The    foundation   lumped  mass    parameters   are    tabulated  in  Table  C.2 

The   trans lational  masses   are   assumed   to  be   equal    (m    =m    =m    =  m)  . 

n  v    x        y        z        ' 

I        is    the   second  moment    of   the  mass   about    the  x  axis  ,   which    is    the 

short    (or  strong)    axis    of  the   abutment  or  bent.       I        is    the   second 

moment    of   the  mass    about    the  y   axis  ,   which   is    the    long    (or  weak) 

axis   of   the    abutment   or  bent.       I        is    about   the   z    (vertical)    axis. 

mz 

C.2  Detailed  Descriptions 
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BRIDGE  NUMBER  1 

Bridge  1  (Figure  C. 1)  is  the  County  Road  Separation  Structure, 
Federal  Aid  Project  I  15-1  (29)  64,  over  Interstate  Highway  15, 
approximately  3  miles  north  of  Dillon,  Montana. 

The  superstructure  (Figure  C. 2)  consists  of  four  simply  sup- 
ported prestressed  concrete  beam  spans  with  20  degree  skew  having 
lengths  of  56,  102,  102,  and  46  ft  respectively  with  a  continuous 
reinforced  concrete  deck  having  composite  action.   The  prestressed 
concrete  beams  are  AASHO  TYPE  IV  beams  (Figure  C.3)  with  1/2  in. 
diameter  pretensioning  strands  located  in  the  following  manner: 
span  1,  18  strands  in  the  bottom  flange  and  four  in  the  top  flange 
at  the  centerline  and  end;  spans  2  and  3,  42  strands  in  the  bottom 
flange  and  two  in  the  top  at  the  centerline;  span  4,  12  strands 
in  the  bottom  flange  and  four  in  the  upper  part  of  the  web  at 
the  centerline  and  end.   The  final  pres tress  force  in  each  strand 
was  20,100  lb.   The  total  length  of  the  superstructure  is  306  ft, 
the  roadway  width  29  ft  6  in.  with  standard  1  ft  4  in.  curbs  with 
guardrails  (not  shown)  on  each  side. 

The  substructure  consists  of  two  end  bents  (abutments)  mono- 
lithic with  the  superstructure  founded  on  12  in.  diameter  treated 
timber  piling,  12  piles  per  bent,  and  three  intermediate  two- 
column  bents  founded  on  separate  spread  footings.   The  columns 
have  3  ft  6  in.  diameters  and  are  19  ft  apart  centerline  to  center- 
line.   Bent  cap  cross-sectional  dimensions  are  approximately  4  ft 
wide  by  5  ft  deep.   The  column  reinforcement  consists  of  12  number 
10  longitudinal  bars  (per  column)  with  number  4  ties  at  12  in. 
centers  at  bents  2  and  4,  and  12  number  11  longitudinal  bars  (per 
column)  with  number  4  ties  at  12  in.  centers  at  bent  3.   Fixed 
bearing  shoes  (Figure  C.4)  were  utilized  at  each  bent.   Bearing 
seat  widths  are  2  ft  3  in.  at  the  abutments  and  1  ft  3/4  in.  at 
the  intermediate  bents. 

The  preconstruction  bridge  site  soil  conditions  were  as 
follows . 
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Elevations  (approximate) 

5105.0  to  4986.5:   soft  to  very  stiff  tan  clayey  silt 

4986.5  to  4966.3:   compact  to  dense,  very  stiff  to  hard 

tan  clayey  sandy  gravely  silt 

4966.3  to  4953.9:   dense  to  very  dense  tan  clayey  silty 

sandy  gravel. 

Refusal  was  encountered  at  an  elevation  of  4953.9,  approximately 
175  ft  below  the  bridge  deck. 

Construction  of  this  structure  was  completed  on  July  28, 
1971,  with  a  probable  life  expectancy  of  50  years. 
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BRIDGE  NUMBER  2 

Bridge  2  (Figure  C.5)  is  the  Bahia  Overcrossing ,  BR  23-161, 
5  miles  northwest  of  Benecia,  Solano  County,  California. 

The  superstructure  consists  of  a  continuous,  reinforced  con- 
crete box  girder  with  ho  skew,  four  cells,  5  ft  6  in.  deep,  and 
a  28  ft  roadbed  (Figure  C.6).   There  are  two  spans,  86  ft  and  102  ft, 
with  the  total  length  being  190  ft  from  the  centerline  of  abutment 
number  1  to  the  centerline  of  abutment  number  2. 

The  substructure  consists  of  an  abutment  and  wingwall  at 
each  end  monolithic  with  the  box  girder.   Each  abutment  is  found- 
ed on  a  single  row  of  seven  Class  II  (45  ton  bearing)  piles. 
The  intermediate  support  is  a  single  column  bent  founded  on  a 
pile  footing  with  24  Class  II  piles.   The  column  details  include 
a  3  ft  by  8  ft  cross  section,  40  number  11  longitudinal  rein- 
forcing bars  (extending  into  the  cap,  and  spliced  to  number  11 
dowels  at  the  footing)  with  number  4  stirrups  at  12  in.  centers. 
The  cap  is  an  integral  part  of  the  superstructure. 

Soil  conditions  at  the  bridge  site  (before  construction)  were 
as  follows  (elevation  of  original  ground  surface  is  28  ft  8  in.): 

Elevations  (approximate) 

28  ft  8  in.  to  13  ft;  loose  to  dense,  light  to  dark  brown  silt. 

13  ft  to  9  ft;        slightly  compact  light  brown  silty  fine 

sand  and  gravel. 

9  ft  to  4  ft;         loose  brown  silt. 

4  ft  to  -4  ft;        loose  to  slightly  compact  silty  fine 

to  coarse  brown  sand  and  gravel. 

-4  ft  to  -18  ft;      compact  to  dense  brown  coarse  sandy  silt 

with  some  gravel  and  cobbles. 

-18  ft  to  -28  ft;     slightly  compact  to  compact  brown  silt. 

Refusal  (100  blow/ ft)  was  encountered  at  about  23  ft  which 
is  approximately  73  ft  below  the  bridge  deck. 

Construction  of  the  bridge  was  completed  in  1967.   The  prob- 
able life  expectancy  is  50  years. 
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BRIDGE  NUMBER  3 

Bridge  3,  a  curved  structure  (Figure  C.7),  is  the  Ventura  Blvd. , 
Off  Ramp  Overcrossing,  BR  53-1223,  located  1000  ft  northwest  of 
Lankershim  Blvd. ,  and  200  ft  northeast  of  the  existing  Hollywood 
Freeway  in  Los  Angeles  County,  California. 

The  superstructure  consists  of  a  reinforced  concrete  box  gir- 
der (Figure  (C.8),  three  cells,  6  ft  10  in.  deep,  28  ft  roadbed,  and 
33  ft  10  in.  railing  to  railing.   There  are  four  spans,  112  ft  3  in . , 
129  ft,  97  ft  (an  expansion  hinge  and  a  bearing  width  of  5  in. 
(Figure  C.9)  is  located  in  this  span) ,  and  47  ft  3  in.   The  total 
length  is  385  ft  6  in.  along  the  right  expressway  ramp. 

The  substructure  consists  of  abutments  at  each  end.   Abutment  1 
is  monolithic  with  the  superstructure  and  is  founded  on  eight  piles 
(all  piles  used  in  the  substructure  are  12  in.  diameter,  concrete 
piles),  four  straight  and  four  battered  (4  in. /ft).   Abutment  5  sup- 
ports the  box  girder  through  four  expansion  bearings  (Figure  C.9) 
resting  on  pedestals  and  is  founded  on  a  footing  with  seven  piles, 
three  straight  and  four  battered  4  in. /ft).   Distance  from  the  bear- 
ing centerline  to  the  front  faces  of  the  pedestals  is  1  ft  5  in. 
The  three  intermediate  supports  are  single  6  ft  diameter  reinforced 
concrete  column  bents  founded  on  pile  footings . 

Bent  2:   founded  on  a  15  ft  wide  by  12  ft  by  3  ft  footing  with 
20  piles;  major  column  reinforcement  consists  of  2  6  number  11  longi- 
tudinal bars  spliced  with  number  11  dowels  at  the  footing  and  extend- 
ing into  the  bent  cap  (all  bent  caps  being  integral  with  the  super- 
structure) to  within  approximately  1  ft  6  in.  from  the  top  of  the 
deck;  the  shear  reinforcement  is  number  5  spirals  at  12  in.  spacings 
and  extending  into  the  cap  to  within  approximately  4  ft  from  the  top 
of  the  deck. 

Bent  3:   founded  on  a  12  ft  wide  by  18  ft  by  3  ft  footing  with 
24  piles,  and  a  9  ft  by  9  ft  by  2  ft  6  in .  pedestal;  major  column 
reinforcement  consists  of  34  number  18  longitudinal  bars  spliced  with 
number  8  dowels  above  the  pedestal;  shear  reinforcement  is  number  8 
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spirals    at   4-3/4  in.    spacings.    The    longitudinal   and  shear  reinforce- 
ment  extend  into   the  bent   cap   in   the   same  manner   as    in  bent    2. 

Bent   4:      description   is    similar   to   that    for  bent  2,    except    the 
footing  is    15   ft  wide  by    11    ft  by    3    ft  with   15  piles. 

Precons truction  bridge  site   soil   conditions  were   as    follows 
(elevations    (in    ft)    are   approximate) :      a    layer  consisting  of   loose 
to   compact,    silty,    fine   to  medium  sand   extends    from  the   ground  sur- 
face   (elevation  =0.0)    to   -39.0    at   the  westerly   end  of  the  structure 
(abutment    5   end)    and  to   -47.0    at   the  easterly   end    (abutment   1   end). 
Below   this    layer  is   compact   to   dense   sand  and   gravel   extending   down 
to   a  sandy  shale  bedrock  at  -46.0   at   the  westerly   end  and  at   -75.0 
at   the  easterly   end.      Depth   of  bedrock  as   measured  from  the  bridge 
deck   is    approximately   68   ft   at  the  westerly   end,    and  approximately 
100    ft   at   the   easterly   end. 

Construction   of   this    structure  was    completed  in   1958  with   a 
probable    life  expectancy   of   50  years. 
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BRIDGE  NUMBER  4 

Bridge  4  (Figure  CIO),  a  skewed,  dual  structure,  is  the  FAI 
Route  24,  Section  64-2B-1,  over  Massac  Creek,  Massac  County, 
near  Metropolis,  Illinois. 

The  superstructure  (Figure  C. 11)  is  of  a  conventional  noncom- 
posite  reinforced  concrete  deck  and  steel  stringer  (33WF130)  con- 
struction consisting  of  three  continuous  spans,  46  ft  5-1/2  in., 
58  ft  1  in.  and  46  ft  5-1/2  in.   The  total  length  is  156  ft  10  in. 
and  the  roadbed  width  is  38  ft  6  in. 

The  substructure  consists  of  stub  abutments  at  each  end 
founded  on  steel  (type  8BP36)  H-  piles,  nine  piles  per  abutment. 
The  abutment  cross  section  is  4  ft  5  in.  wide  by  3  ft  6  in.  deep 
below  the  bearing  surface.   A  1  ft  6  in.  thick  backwall  extends 
from  this  surface  to  the  roadway  elevation.   The  center line  of 
the  bearings  is  located  1  ft  11-1/4  in.  from  the  front  face  of  the 
abutment.   Seven  piles  are  employed  across  the  abutment  (four 
straight  and  three  battered  2  in.  per  ft).   One  additional  pile 
is  located  at  the  end  of  each  of  the  short  wingwalls  (approx. 
10  ft  long  by""l  ft  thick)  which  are  monolithic  with  the  abutment. 
Intermediate  supports  are  solid  concrete  piers  founded  on  spread 
footings.   The  cross-sectional  dimensions  of  the  piers  are  3  ft 
4  in.  by  50  ft  10  in.  at  the  footing  and  2  ft  by  49  ft  6  in.  at 
the  top.   Major  reinforcement  of  the  pier  consists  of  number  5 
vertical  bars  at  12  in.  centers  and  number  4  horizontal  bars  at 
12  in  centers  in  each  face.   Fixed  bearings  are  utilized  at  pier 
number  1  and  expansion  bearings  at  the  abutments  and  pier  number  2 
(Figure  C.  12) . 


Since  the  structure  over  the  westbound  lane  and  that  over  the 
eastbound  lane  are  similar,  the  description  and  the  analysis 
refer  to  the  westbound  lane  only. 
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The  preconstruction  bridge  site  soil  conditions  were  as 
follows . 

Elevations  North  End  South  End 

(approximate)         Of  Structure  Of  Structure 

371.0  to  364.0;   medium  moist  brown  silt   medium  moist  brown 

loam  to  loose  damp  light   to  gray  mottled  brown 
brown  sand  loam  silty  clay  loam  to 

silt  loam 

364.0  to  360.0;   medium  to  hard  moist      medium  moist  grey 

brown  gravel  with  some    mottled  brown  fine 
broken  sandstone  silty  sand 

360.0  to  356.0;   hard  to  soft  grey  seamy   hard  brown  fine  to 

sandstone  coarse  grained  sandstone 

356.0  to  354.0;   hard  grey  clay  to  clay    hard  brown  fine  to 

shale  coarse  grained  sandstone 

Bedrock  is  located  approximately  27  ft  below  the  roadway  surface. 

Construction  of  this  structure  was  compled  in  1971,  with  a 
probable  life  expectancy  of  50  years. 
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BRIDGE  NUMBER  5 

Bridge  5  (Figure  C. 13)  is  Bridge  619  over  Lyon  and  Tincan  Creek 
on  the  Seward  Highway,  on  the  Kenai  Peninsula,  approximately  40  miles 
southeast  of  Anchorage,  Alaska. 

The  superstructure  (Figure  C.14)  consists  of  three  simply  sup- 
ported spans:  40,  60  and  40  ft,  with  a  total  length  of  146  ft.  The 
bridge  width  is  28  ft  out  to  out  with  a  roadbed  of  24  ft.  The  con- 
struction is  of  reinforced  concrete  deck  with  four  steel  girders  per 
span  with  composite  action.  The  girders  of  spans  1  and  3  are  type 
27WF93  alloy  steel  and  those  of  span  2  are  type  36WF150  alloy  steel 
(conforming  to  specification  ASTM-A242-46) . 

The  substructure  consists  of  shallow  founded  seat  abutments  at 
each  end,  with  nine  piles  per  abutment ,  and  wall  type  piers  based 
on  5  by  5  by  28  ft  concrete  footings  with  4  ft  wide  by  2  by  27  ft 
pedestals  as  the  two  intermediate  supports.   The  piles  are  type 
10HP42  cooper  bearing  structural  steel  conforming  to  specification 
ASTM  A7-46.   Pier  cross  section  dimensions  are  2  ft  9  in.  by  25  ft 
3  in.   The  major  reinforcement  consists  of  vertical  number  6  bars 
at  2  ft  centers  and  horizontal  number  4  bars  at  2  ft  centers  in  each 
face.   The  superstructure  rests  on  fixed  bearings  at  the  abutments , 
and  the  span  2  side  of  pier  1,  and  on  expansion  bearings  at  the 
span  1  side  of  pier  1,  and  both  sides  of  pier  2  (Figures  C. 15  and 
C.16).   At  the  abutments,  the  distance  from  the  bearing  centerline 
to  the  front  face  of  the  abutment  is  21  in.   At  the  piers,  the  dis- 
tance from  the  bearing  centerline  to  the  near  face  of  the  pier  is 
9  in. 

The  bridge  site  foundation  material  consists  of  3  ft  of  fine 
gravel  overlaying  coarse  gravel  with  a  maximum  bearing  capacity  of 
2-1/2  tons/sq  ft. 

Construction  of  the  bridge  was  completed  in  1950,  with  a  life 
expectancy  of  50  years . 
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BRIDGE  NUMBER  6 

Bridge  6  (Figure  C.17),  a  skewed,  dual  structure  (description 
refers  to  eastbound  structure) ,  is  the  Bridge  Number  3  on  Inter- 
state Highway  508,  over  the  Delaware  and  Hudson  Railroad,  near 
Susquehana ,  Oswego  County,  New  York. 

The  superstructure  (Figure  C.18)  consists  of  three  simply  sup- 
ported spans;  91  ft  6  in.,  118  ft,  118  ft,  with  a  total  length  of 
334  ft  2  in.  and  a  41  ft  roadbed.   The  construction  is  of  steel 
(type  A-441)  plate  girders,  six  per  span,  with  a  reinforced  concrete 
deck  with  composite  action.   The  plate  girder  web  is  a  52  in.  by 
3/8  in.  plate  while  the  top  flange  plate  and  the  bottom  flange  plate 
sizes  vary  as  shown  on  Figure  C.19. 

The  substructure  consists  of  abutments  with  pedestals  (six  ped- 
estals per  abutment)  at  each  end  founded  on  spread  footings.   The 
two  intermediate  supports  are  column  type  piers,  with  six  reinforced 
concrete  4  ft  diameter  columns  per  pier,  founded  on  spread  footings 
(Figure  C.20).   The  average  column  height  at  pier  1  is  27  ft  and  at 
pier  2,  30  ft.   The  columns  each  have  1  ft  3  in.  caps,  and  a  16  in. 
by  16  in.  by  5-1/2  in.  shear  key  at  the  column  to  cap  and  the  column 
to  footing  connections.   The  spacing  between  columns  is  16  ft 
5-1/4  in.   Major  reinforcement  consists  of  23  number  8  longitudinal 
bars  per  column  with  number  4  ties  at  12  in.  centers.   Fixed  bearings 
are  located  at  abutment  1,  the  span  2  side  of  pier  1  and  the  span  3 
side  of  pier  2.   Expansion  bearings  are  located  at  the  span  1  side 
of  pier  1,  the  span  2  side  of  pier  2  and  at  abutment  2  (Figure  C.21). 
The  distance  from  the  bearing  center line  to  the  front  face  of  the 
pedestals  (at  either  abutment  1  or  2)  is  1  ft  9  in .   The  distance 
from  the  bearing  centerline  to  the  near  edge  of  the  column  (at  either 
pier  1  or  2)  is  11  in. 

The  preconstruction  bridge  site  soil  conditions  consisted  pri- 
marily of  a  50  ft  layer  of  loose  to  compact  nonplastic  sand  and 
gravel  with  traces  of  silt.   Refusal  occurred  at  approximately  -40 
to  -45  ft  and  again  at  the  bottom  of  the  layer,  approximately  75  ft 
below  the  bridge  deck. 

Construction  of  this  structure  was  completed  in  19  71  with  a 

probable  life  expectancy  of  50  years . 
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BRIDGE  NUMBER  7 

Bridge  7  (Figure  C. 22) ,  a  curved  structure  is  the  West  Connector 
Overcrossing ,  BR  56-506,  located  approximately  5  miles  southeast  of 
Riverside,  California. 

The  superstructure  consists  of  a  reinforced  concrete  box  girder 
(Figure  C.23);  three  cells,  4  ft  6  in .  deep,  22  ft  4  in.  roadbed, 
and  26  ft  4  in.  out  to  out.   There  are  eight  spans:   68  ft  6  in., 
six  at  79  ft  4  in. ,  and  span  8  is  59  ft.   The  total  length  is  603  ft 
6  in.   Expansion  hinges  with  bearing  widths  of  6  in.  (Figure  C.24) 
are  located  in  spans  2,  5,  and  7. 

The  substructure  consists  of  an  abutment  at  each  end,  monolithic 
with  the  box  girder,  founded  on  a  3  ft  6  in.  wide  by  1  ft  6  in .  by 
27  ft  10  in.  footing  without  piles  ,  and  seven  intermediate  single 
4  ft  diameter  reinforced  concrete  column  bents  founded  on  spread 
footings  and  having  bent  caps  integral  with  the  box  girder  (Figure 
C.25).   The  footings  of  bents  2,3,4  and  5  are  11  ft  wide  by  10  ft 
by  2  ft  9  in. ,  while  those  of  bents  6,  7  and  8  are  12  ft  by  12  ft  by 
2  ft  9  in.   The  major  reinforcement  of  the  bent  2,  3,  4,  7  and  8 
columns  consists  of  33  number  11  longitudinal  bars  spliced  to  number 
11  dowels  at  the  footings,  and  number  4  ties  at  12  in.  centers.  The 
major  reinforcement  of  the  bent  5  and  6  columns  consists  of  40  num- 
ber 11  longitudinal  bars  spliced  to  number  11  dowels  at  the  footings , 
and  number  4  ties  at  12  in.  centers.   Longitudinal  re finf or cement 
for  all  the  bent  columns  extends  into  the  bent  caps  to  within  ap- 
proximately 1  ft  from  the  top  of  the  caps. 

Preconstruction  bridge  site  soil  conditions  were  primarily 
dense  to  very  dense  fine  to  coarse  and/or  gravelly  sand.   Refusal 
was  encountered  at  approximately  40  ft  below  the  bridge  deck  near  the 
northern  (abutment  9)  end  of  the  structure  and  approximately  36  ft 
below  the  bridge  deck  near  the  southern  (abutment  1)  end  of  the 
structure. 

Construction  of  the  bridge  was  completed  in  1966  with  a  probable 
life  expectancy  of  50  years . 
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SECTION  (b)  TYP  FOR  SPANS  I  AND  4 


FIGURE  C.2  BRIDGE  1,  TYPICAL  SUPERSTRUCTURE  CROSS  SECTIONS 
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No.  4  LONGITUDINAL  BARS 


FIGURE    C. 3     AASHO  TYPE    IV  BEAM  CROSS   SECTION 
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1/2 

5"x2-8"    v       N 
(STRAIGHTENED)     \4=? 
BEVEL  TO  SLOPE 
OF  BEAM  FOR  BEAM 
OR  GRADE  OF  2.0% 
OR  MORE 

1 1/4  x6x2'-8" 


T„  8.485" 


SWEDGED  ANCHOR  BOLT : 

|^4$xr-4".SETl' 

INTO  CAP  AT  BENT  I,  EAST  SIDE  OF 

BENT  2  ,  BOTH  SIDES  OF  BENT  3, 

AND  WEST  SIDE  OF  BENT  4; 

|"«»X  I'-Z"  SET  10"  INTO  CAP  AT 
WEST  SIDE  OF  BENT  2, EAST  SIDE 
0FBENT4,  AND  AT  BENT  5. 


END  VIEW 


1    TO  GRADE  OF  BEAM 
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-0   RAD 


2  No.  6x2-2"  LG 
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WELDED  TO  I  l/4"x  6°x 2-2  ft 


SECTION  C-C 


FIGURE  C.4   FIXED  BEARING  SHOE  DETAILS  UTILIZED  ON  BRIDGE  1 
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FIGURE  C.16   BRIDGE  5,  FIXED  AND  EXPANSION  BEARING  DETAILS 
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TABLE  C.l.  -SUPERSTRUCTURE  AND  SUBSTRUCTURE  CROSS- SECTIONAL  PROPERTIES 


A    (in2) 

IL    (in4) 

I2    (in4) 

w  (lb /in.) 

t2 

C 

T— hi 

6425.0 

2.01  xlO6 

8.94  x 107 

578.25 

7021.0 

3.31  xlO6 

9.22  x 107 

631.89 

2930. 0(t) 

3.54 x 105 

4.11 x 107 

2970. 0(t) 

3.68x  105 

4.23  xlO7 

3456.0      3.73xl05   2.65xl06 


Bridge  Number  and  Location 
of  Section  in  Structure 

Bridge  1,  Dillon,  Montana 
Supers  tructure 

Spans  1  and  4 

Spans   2   and  3 
Substructure 

Bents   2    and   4  , 

Bent    3 

Br idge    2,    Benecia,    California 
Superstructure 

Spans    1   and   2  7708.0  5.48xl06        9.67xl07        693.72 

Substructure 

Bent 

Bridge  3,  Los  Angeles  County,  California 

Superstructure 

Spans    1,    2,    3,    and   4  7810.0  8.41  x 106      11.40  x 107        720.00 

Substructure 

Bents    2    and   4  4425. 0(t)         1.53  x 106        1.53  x 106 

Bent    3  5420. 0(t)        2.06  x 106        2.06  x 106 

Bridge    4,    Metropolis,    Illinois 

Supers  tructure 

Spans    1,    2,    and   3  7053. 0(t)         3.04xl05        1.4xl07  570.0 

Substructure 

Piers    1  and  2    (Top   90%)  14,164.62  6 .  71  x  105        3.56xl08 

Bottom    (10%)  24,088.80  3.  16  x  106        6.37xl08 

Bridge    5,    Anchorage,   Alaska 
Superstructure 

Spans    1    and   3 

Span  2 
Substructure 

Piers  1  and  2 

Bridge  6,  Susquehana,  New  York 

Superstructure 

Span  1,  within  17  ft  9  in.  of  ends   700^.  5  (t) 

Remainder  of  Span  1 

Spans  2  and  3,  within  27  ft  6  in. 
of  ends 

Remainder  of  Spans  2  and  3 

Substructure 

Piers  1  and  2 

Bridge  7,  Riverside,  California 

Superstructure 

Spans    1    through   8  4887.5  2.74xl06        3.92  x  107        440.0 

Substructure 

Bents    2,    3,    4,    7,    and  8  2324. 36(t)      3.  71  x  105        3.71xl05 

Bents    5   and  6  2433. 56(t)      3.86xl05        3.86xl05 


3892. 0(t) 

4 

61  x  105 

4.35  xlO7 

303.0 

4552. 0(t) 

9 

80  x  105 

4.97  x 107 

313.0 

10,000.0 

9 

29  xlO5 

7.65x  107 

700^. 5 (p) 

3.07x  106 

1 

94xl08 

700 

45 

7589. 5(t) 

4.44  xlO6 

2 

11  xlO8 

758 

95 

7784. 5(t) 

4.72  xlO6 

2 

17xl08 

902 

95 

9029. 5(t) 

6.22x  106 

2 

52  x  108 

979 

73 

,000. 0(t) 

1.80  xlO6 

1 

23xl09 
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APPENDIX  D 
KINEMATIC  CONSIDERATIONS  OF  EXPANSION  BEARING  ROCKERS 
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The  analysis  presented  in  this  appendix  is  directed  toward 
determining  the  reaction  eccentricity  that  occurs  at  rocker 
bearings  due  to  seismically  induced  relative  horizontal  motion 
between  the  superstructure  and  the  substructure  support.   The 
eccentricity  at  the  rocker  creates  longitudinal  loads,  acting 
at  the  fixed  bearings  ,  that  are  required  to  equilibrate  eccen- 
tric reaction  couple  at  the  expansion  bearings.   For  a  cylindrical 
roller,  there  will  not  be  any  eccentricity  during  horizontal 
motion . 

For  this  analysis,  assume  that  the  radius  of  curvature  for 
the  upper  and  lower  surfaces  of  the  roller  are  different.   Further- 
more, it  is  assumed  that  the  center  of  curvature  for  the  two  sur- 
faces is  different.   For  this  case,  there  will  be  an  eccentricity 
of  the  vertical  dead  load  reaction  at  the  bearing  for  relative 
horizontal  motion  between  the  sole  plate  and  the  base  plate,   Re- 
ferring to  Figure  D. 1  the  essential  parameters  of  the  roller  are 

r,R  =  upper  and  lower  surface 

a  =  vertical  separation  of  the  centers  of  curvature 
a>  0  if  the  upper  center  of  curvature  (P) 
is  above  the  lower  one  (Q) 

h  =  r  +  R+a,  is  the  overall  height  of  the  roller. 

If  it  is  assumed  that  there  is  no  slippage  between  the  surface  of 
contact,  a  point,  I,  on  the  superstructure  or  sole  plate  will  be 
displaced  to  the  point  I"  as  the  roller  rotates  by  an  angle,  9, 
from  the  vertical  position.   It  is  desired  to  relate  the  lateral 
translation  of  the  superstructure,  d,  to  the  rotation  of  the  rol- 
ler, 9,  and  then  obtain  the  eccentricity.   Referring  to  Figure  D.l, 
the  following  equations  are  derived: 

A  =  arc  JK  =  arc  J'K*  =  JK7"  =  9R  (D.  la) 

a   =    arc    IL  =    arc    I'L'    =   ITF1"  =   9r  (D.lb) 

6    =    a  sin9,    (eccentricity)  (D-2) 

tantf  =    6/(r+R+a   cos9)  (D.  3) 

d  =    A  +  6  +a  (D.  4a) 
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h  =  R+r  +  a  (D.4b) 

h'    =   R+r  +  a    cos9  (D.4c) 

Substituting   equations    (D.l)  and    (D.2)    into    (D. 4) 

a   sinQ  +  R9   +  r9   =    d.  (D.5) 

With  this  nonlinear  equation  and  using  a  half  step  iteration  proce- 
dure to  solve  for  the  rocker  rotation,  9,  it  is  possible  to  write  a 
simple  computer  program  to  solve  for  the  desired  variables, 

viz.,  9,  <j) ,  A,  6,  and  a.   Rewriting  equation  (D.5)  as  a  recursion 
formula  yields 

d+|)  9-+1  =  |  -  |  sin9.  (D.6a) 

Thus  with   9.    known,    compute   9 • ■ i     from  equation    (D. 6a)    and   then   the 
new   (i+1)    value   of  9    from 

9i+l  =    (9i+l  +  9i)/2'  (D'6b) 

Iteration   is    continued  until 

69    =    |9i+]_-9i|    <    e  (D.7) 

for  two  successive  cycles.   Initially  9.  is  selected  as  zero,  i.e. , 
9=0.   A  FORTRAN  subroutine  (ROLLBR)  has  been  prepared  to  perform 
the  above  iteration  procedure  and  compute  the  essential  unknowns 
for  the  problem.   A  listing  is  provided  for  subroutine  ROLLBR  and 
a  simple  MAIN  driver  program  that  reads  data,  calls  the  subroutine 
and  prints  the  results.   Card  input  data  format  for  the  MAIN  pro- 
gram is  : 


Cols. 

Format 

Data 

1-10 

ElO.O 

r 

11-20 

ElO.O 

a 

21-30 

ElO.O 

R 

31-40 
41-45 

ElO.O 
15 

d 
max 

N 
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For  each  data  card,  solutions  are  obtained  for  the  range  of  values 

d  =  0  ->  d_   in  increments  of  (d    /N)  .   A  sample  of  the  solution 
max  max  r 

printout  for  the  following  parameters  is  included  at  the  end  of  the 
program  listings. 

r  =  10. 

a  =  -10, 

R  =  10. 

d    =10. 
max 

N  =  20. 

For   the    Illinois    and  Alaska  bridges   considered  in   the   project, 
the   type   of  rocker  employed  in   the   expansion  bearings    is    depicted 
in  Figure  D.2.       For    these  bearings, 

r  =   R  (D.8) 

a  =    -(2R-h) 

Using  these  parameters,  the  equation  relating  the  unknown  rocker 
rotation,  9,  to  the  variable,  d,  becomes 

(h  -  2R)  sin9  +  2R9  =  d  (D.9) 

The   eccentricity   of   the  reaction  becomes 

6    =    (h  -  2R)    sin9  (D. 10) 

These  equations  hold  until  the  rotation  of  the  rocker  is  such  that 
points  D  and  E  just  contact  the  upper  and  lower  surfaces  SI  and  S2 , 
respectively.   At  this  point,  the  eccentricity  of  the  reaction  is 
a  maximum  and  sin9  =  b/R.   Using  this  magnitude  in  equation  (D.10) 
yields 

6    =  +  b(2  -h/r)  (D.ll) 

max   —   v     '    ' 
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?    ¥■    >   A   t 
2  READ(5tl02»ENOs999)  R, A»RR» Dm AX t N  

102  FORMAT(«EIO,0*I5) 

EPSa.OOOl 
_■_  MXITCY310O  J 

HSR+RR+A 

WRITE(6f iOQ)R»AtRR,OMAXtN»H 

100  FORMAT( i !'///»  R»a, KRfDMAX«i »ati5.6/»  N»Ma I » I5»E15t8//l 0     DUBX* 
ilTHETAU7X't » P  H I  *  t7X»  I  8DEL.TA  t  VSX  •  'SDELTA!  t5X»  I  ALPHA  I  #8Xf "IHP  »/) 

OELOsDMAX/FLOAT(N) 

.._ D«0,  .__ ___,^,      ,       n      ,  4m3X  .*_ , 

DO     1     I«ttN  y^  a~U)drrl3n        rj=    ■ 

D«D  +  DELO-*- 

CALL  R0LL6R(R«AtRH.0»THETA»PHI'»B0ELTA.SDELTAiALP_HAiHP«EPSfMXlTCYJ 
1  WRITE (6» 10 1 ) 0» THE7 A t PHI tBDELTAf SPELT A» ALPHA f MP 

101  PORMATC7E11.5) 

GO  TO  2    _; 

9"  III9  "<L<V*r»       *  K  V     Co  fr         ^ 

/  A  /  A   /    /     /      /      /    /   » 

SUBROUTINE  ROLLBP(R»A»RR»D«THETAtPHItBOELTA.SDELTA»ALPHA.HP,EHSf 
1  MXITCV) 
C  **»  COMPUTES  ROLLER  BEARING  KINEMATICS  FOR  BRIDGE  ROLLERS  *** 

C      INPUT  PARAMETERS  

C      R*UPPER  SURFACE  HAQIUS  OF  CURVATURE 

C      RRSLOWER  SURFACE  RADIUS  OF  CURVATURE 

C      A«DISTANCE  BETWEEN  CENTERS  OF  CURVATURE   ♦  IF  UPPER  SURFACE  CENTER 

C        OF  CURVATURE  IS  ABOVE  LOWER  SURFACE  CTR.OF  CURVATURE 

C         FOR  A  CYLINDRICAL  ROLLER  •  WaRH  ♦  AsO.O 

C      0«RELATrVt  MORIZONTAL  MOTION 

C      EPS*ALLO*ABLE  CHANGE  IN  THETA  DURING  ITERATION 

C      MXITCY*MAX,NO, OF  ITERATION  CYCLES 

DATA  RTOD/57. 2957796/  

ITCYC*0 

KOUNTaO 

THETAaO,        _■ 

DSRbD/RR 

ASRaA/RR 

RSRP1  =  R/RR+1 1  

1  THETAP8(DSR-ASR*SIN(THETA))/WSRP1 
THETAie(THETAP+THETA)*0.5 
ITCYCalTCYCtl 
DTHETA=ABS(TMfcTAl»THETA) 
THETA5THETA1 

IF(ITCYC  .GT,  MXITCY)  GO  TO  2 
IFCDTHETA  ,GT,  E?S)  GO  TO  1 
KOUNT«KOUNTtl 

_IF(KOUNT  .LT,  2)  GO  TO  1 
00  TO  3 

2  WRITE<6,100)  ITCYC»TMETA»0THETA 

100    PORMAT(IOncYC.THETA,DTHETA«t«I5f2El5.8) 

3  BDELTABTHETA*RR 
ALPHA«THETA*R 
8DELTA»A*8IN(THETA)  

"   HP«R+RR+A*COS(TMETA) 

PMI»ATAN2(SDELTA»HP) 

THETA»PTOD*THETA  

" PHI«RTOD*PHI 

RETURN 

END 
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APPENDIX  E 
SHOTCRETE  AS  A  RETROFIT  CONSTRUCTION  MATERIAL 
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E. 1   Introduction 

Shotcrete  can  be  defined  as  a  concrete  conveyed  through  a 
hose  and  pneumatically  projected  at  high  velocity  onto  a  surface. 
The  force  of  the  jet  impacting  on  the  surface  compacts  the  mate- 
rial.  Normally  the  fresh  material  in  place  has  zero  slump  and 
can  support  itself  without  sagging.   Shotcrete  permits  simple  con- 
struction methods  since  all  that  is  required  is  a  backup  surface 
consisting  of  a  light  form  or  no  form,  just  the  old  standing  struc- 
ture.  Only  a  small,  portable  plant  is  required  for  applying  this 
material. 

Shotcrete  is  well  adapted  for  thin  reinforced  sections  in  a 
variety  of  new  construction.   It  is  widely  used  as  an  overlay  over 
concrete,  masonry,  and  steel.   It  is  also  used  to  repair  deterior- 
ated concrete  and  concrete  damaged  by  fire  or  earthquake. 

These  applications  lead  to  the  thought  that  this  type  of  con- 
struction would  provide  an  easy  cost  effective  means  of  retrofitting 
bridge  structures  which  have  been  found  to  be  underdesigned. 

E.2  Merit  of  Shotcrete  as  an  Overlay  Material 

There  are  sound  reasons  why  shotcrete  is  a  good  material  for 
making  relatively  thin  overlays  or  repairs  to  new  or  old  concrete. 
When  the  mixture  leaves  the  nozzle  at  high  velocity  and  strikes 
the  hard  surface  which  is  to  be  covered,  the  coarser  particles  re- 
bound from  the  surface.   This  leaves  an  excellent  bond  coat  of  fine 
grout  in  intimate  contact  with  the  surface  because  of  the  high  ve- 
locity of  impact.   After  a  thin  layer  of  grout  has  been  built  up, 
it  acts  as  a  cushion  to  reduce  the  rebound  during  buildup  of  the 
covering  layer.   The  composition  of  the  bulk  of  the  cross  section 
should  not  be  greatly  different  from  that  which  left  the  gun. 

This  good  initial  bond  is  preserved  because  of  the  virtual  ab- 
sence of  bleeding  for  the  stiff  mixes  used  in  shotcrete.   In  con- 
ventional concrete  overlays,  bleeding  is  a  problem  for  vertical  and 
particularly  for  overhead  work. 
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It  is  desirable,  but  not  always  possible,  to  have  only  one 
layer  of  reinforcement  in  a  sho terete  section.   This  tends  to 
keep  the  rebound  to  a  minimum.   Wire- fabric  reinforcement  is  pref- 
erable to  steel  bars.   If  bars  are  used,  they  should  be  round, 
because  square  bars  tend  to  create  pockets  of  rebound  material 
(triangular  in  cross  section)  adjacent  to  and  behind  the  bars, 
Figure  E-l.   Such  pockets  contain  practically  no  cement.   When 
encasing  bar  reinforcement,  the  nozzle  is  held  so  as  to  direct 
the  sho terete  behind  the  bars  from  both  directions.   Each  side  of 
the  bar  is  shot  separately.   Rebound  is  blown  off  with  an  air  jet, 
Figure  E.2.   No  rebound  should  be  allowed  to  accumulate  on  the 
work  or  in  the  crevices  to  be  filled. 

When  successive  layers  of  shotcrete  are  applied,  each  layer 
is  lightly  broomed  to  ensure  a  perfect  bond  with  the  following 
layer.   Any  underlying  layer  that  is  hardened  must  be  carefully 
cleaned  and  dampened  before  applying  the  subsequent  layer.   Thick- 
ness of  6  in.  requires  at  least  two  layers  of  shotcrete.   Thicker 
overlays  will  require  three  or  more  applications. 

Test  data,  Table  E.l,  indicate  that  the  strength  and  other 
properties  of  shotcrete  are  the  same  as  those  of  conventional 
concrete  of  the  same  proportions  and  void  content.   The  advantages 
of  the  shotcreting  process  are  that  it  is  a  convenient  and  econom- 
ical means  of  applying  such  material  in  a  variety  of  construction, 
and  it  is  capable  of  building  up  an  excellent  bond  coat. 

E.3   Structural  Design 

The  use  of  shotcrete,  especially  as  a  construction  material, 
is  becoming  commonplace  mainly  because  the  method  of  construction 
has  proved  economical.   Nevertheless ,  structural  design  informa- 
tion is  meager. 

It  has  been  found  by  experience  that  ordinary  shotcrete  walls 
2  in.  thick  are  required  for  spans  up  to  4  ft.   Walls  must  not  be 
less  than  3  in.  thick  for  spans  up  to  8  ft. 
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E-l 
Research  at   Lehigh   University   involved  series    of   tests    to   pro- 

vide   technical   information   regarding   amounts    of   reinforcement 
needed   for  various    slab    thicknesses    under  various    loadings.      These 
tests   showed  that   at   2  8  days ,    reinforced  shotcrete  having  a  C/A 
of  1:3    (volume)    has    a   safety    factor   of   4  if  stressed  to   1500   psi 
in    flexure    (fiber  stress   in  slab  with   the   tensile  working  stress 

of  steel   is    20,000  psi)    and  nearly    5   if  stressed  to   1800  psi 

E-2 
(C/A   -    1:2.5).      A  series   of  design   tables  were    developed  to  show 

slab    thicknesses    and  amount  of  steel  reinforcement  needed  for  vari- 
ous   live    loads.      The   slab    thicknesses   vary    from  1.5    to   3.75  in., 
and   the  percentages    of   reinforcement  were   computed  to   develop    the 
strength  necessary   to    support   live   loads    ranging   from  30    to   200   psf. 
While   the   current  usefulness   of  these   tables    is    doubtful   in  view 
of  the   improved  mechanical   properties   of  modern   steels    and   the 
higher  bond  stresses    permitted  in  modern   reinforced- concrete   struc- 
tural   design,    however,    they   do    indicate   that   shotcrete  structures 
can  be   designed  using  standard  concrete   structural   theory.      Encase- 
ment  of   steel  beams   with  shotcrete  enhances    the   resistance   of  build- 
ings   (varying   in  height    from  22    to    44  stories)    to   seismic  and  wind 

E-  3 
forces."        The^beam  stiffness   was    increased   from  20   to   60   percent 

(depending   on   the  size   of   the  beam) . 


E_1"Results    of  Tests    of  Strength   of   Gunite   Slabs, "   Engr.    and 
Contracting,    53(25),    (June  23,    1920) 

"Tests   Made   on   Gunite   Slabs    Show   a  Safety   Factor  of  4," 
Engr.    World,    p    318    (Nov.    1920) 

"Slab   Values    of   Gunite,"   Canadian   Engineer,    38,    p    192, 
(Feb.    5,    1920) 

E      "Safe   Loads    and  Deflections    for   Gunite   Slabs,"   Canadian   Engr. 
39,    pp    525-529    (Nov.    18,    1920) 

E      Lorman,    W.    R. ,    "Engineering  Properties    of  Shotcrete,"  ACT 
Publication   SP-14A    (Dec.     1968) 
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E. 4     Fiber-Reinforced   and  Polymer- Impregnated   Shotcrete 

E-4 
Use   of   fibers    in   a  brittle  matrix  has   been   extensively 

studied   and   it    is  known    that  both   strength   and   toughness    can  be 

increased   in   order   to  prevent   catastrophic   failure,    Figure   E.3. 

E-5 
For  example,    research  has    shown   that   flexural   strength    can  be 

doubled  by  incorporating  about  2  percent  (volume)  random  oriented 
metal  fabrics  and  splitting-tensile  strength  increased  by  50  per- 
cent.     A  slight   decrease   in   compressive   strength  was    also   found. 

E-6 
Work   at   IITRI  with   a  high  modulus    organic    fiber,    Kevlar   49, 

indicated   for   similar  volume   of   fibers    that   the   flexural   strength 
was    raised   threefold  and   the   compressive   strength    doubled,    Fig- 
ures   E. 4  and  E.5.      This    fiber  has   a   tensile   strength  of   500,000   psi 
and  an  elastic  modulus    of    20x10      psi   and  a   density   of  about  one- 
sixth    that   of  steel. 

Polymer-impregnated  shotcrete    (Ref.    E-5)    exhibits    a   three   to 
fourfold  increase  in   compressive   and  splitting-tensile   strengths. 
However,    for  resistance    to  seismic   forces ,    the   fiber  reinforced 
shotcrete   is    preferable   to   the  high   strength  polymer-impregnated 
material  because   of   the   increased  toughness    exhibited  by   the    fi- 
brous   concrete.      The  polymer- impregnated  concrete   still   exhibits 
brittle  behavior. 


F-4 

•      Romualdi,    J.    P.    and  Man del,    J.    A.     "Tensile    Strength   of   Concrete 

Affected  by  Uniformly   Distributed   and  Closely    Spaced  Short 

Length   of  Wire  Reinforcement,"   J.    Am.    Concrete    Inst.    68(2), 

pp   126-135    (1971) 

Poad,    M.    E. ,    et   al   "Engineering   Properties    of   Fiber-Reinforced 
and  Polymer- Impregnated  Shotcrete,"   Bureau   of  Mines    Report  of 
Investigations/ 19 75  RI8001,    U.S.    Department   of    Interior 

Wade,    T.    B.,    et   al    "New  Concrete   Technology',"    IITRI   In-House 
Project  D1086,    Final  Report    (Sept.    19  74) 
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E-5 
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E. 5   Placement  Techniques 

Figures    E. 1   and   E.2    show  how  reinforcement   is   bedded  into 
shotcrete   and   illustrate    the   results    of   careless   bedding-in   and 
how   a  blowpipe   can   remove   rebound  pockets    ahead   of  the  nozzleman 
with  his    air  jet. 

The   problem  of   forming   columns    is    exhibited  in   Figure   E.6.    I 
shows   how   screeds    are    fixed   to  obtain   clear    corners    and  avoid  re- 
bound pockets.       The   screed   acts    as    a    form   for   the   edge  of   the   shot 
crete   and  must  have   an   open   space  behind   it    to   allow   the   air  pres- 
sure   to    escape.       The    fitting  of  screeds    to    flat  walls    or    floors    is 
shown    in   Figure   E,7.      Again   the    rebound  escape   space   is    featured. 
Frequently   shotcrete   strips    are   used  in    the  manner  shown;   however, 
these   are  not   so   accurate.      Another   screeding  method   is    to  use  a 
tensioned  piano  wire   and  remove  excess   shotcrete  with   a  knife, 
Figure   E. 7d. 

E.6      Cost 

One   of   the   great  merits    of  pneumatic   application   of   concrete 
is    the  savings    in    form   costs.       In    general,    only   one    side   of  a  wall 
or   adjacent  sicles    of  a    column   require   a    form.      Also    this    form  need 
not  be   as   heavy   as    regular    concrete   forms ,    and   ties    and  spreader 

are  not  necessary.       Regular    concrete   forms    seldom   cost    less    than 

2  2 

$0.50/ft      of  contact  surface   and  may   run  as  high   as    $1.50/ft    . 

Savings    on   an    item  of  this   magnitude   are    important  on   any   job. 

The   costs    reported   for  shotcrete   in  place   range    from   $40    to 
$150   per   cubic  yard    (including   forming   and  reinforcement)    depending 
on   the    type   and  size   of  application,    scaffolding   requirements    and 
other   factors .      Generally   shotcrete   can   compete  with   conventional 
concrete   for   thicknesses    up    to   about    3   in.    and  may  be    economical 

for   thicknesses    of  up    to   6   in.      A   cost    comparison  based  on   shot- 

3  3 

crete    at    $45/yd      and    cast-in-place   concrete   at    $19.50/yd     using 

forms  at  $0.75/ ft"-  for  a  4  in.    wall   and   a   12   in.   wall   are   given   in 

Table  E.2. 
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E.  7  Conclusion 

The  discussions  on  use  of  shotcrete  for  retrofitting  bridges 
against  seismic  damage  indicate  that:  (1)  shotcrete  is  best  used 
to  build  up  thin  wall  bonded  layers  of  concrete,  (2)  it  is  presently 
used  to  encase  and  stiffen  structural  steel,  (3)  it  can  be  econom- 
ically applied,  and  (4)  it  can  be  designed  using  standard  struc- 
tural design  procedures. 
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TABLE  E.l.  -PROPORTIONS  AND  PROPERTIES  OF  CAST  CONCRETE  AND  WET-MIX 
SHOTCRETE  COMPARED  (BASED  ON  SAMPLES  CUT  FROM  FIELD  CURED  MEMBERS) 

Wet-Mix 
Properties  compared  Cast  Concrete      Shotcrete 


Age  of  Samples  9-1/2  months       9  months 

Samples  Tested  3  3 


Mix  Proportions   Type  I  cement               564  lb  564  lb 

Sand,  No.  4  to  fine         1250  lb  1730  lb 

Gravel  4/8  in.  to  No.  4     1900  lb  1140  lb 

Pozzolith                     1.5  lb  1.5  lb 

Darex        >        .          1 .  5  oz  -  - 

Slump                         4  in.  1  in . 


Physical          Modulus  of  rupture  567  psi          584  psi 

Properties        Compressive  strength  4605  psi         5088  psi 

Tensile  strength  322  psi          350  psi 

Shear  strength  1020  psi          1510  psi 

Density  141  lb/cu  ft      117  lb/cu  ft 

Modulus  of  elasticity  3,270,000  psi  3,090,000  psi 


TABLE  E.2.  -COMPARISON  OF  COSTS  WET-MIX  AND  CAST-IN-PLACE  CONCRETE 

12-in.  walL,  cost  per  square  foot 

Wet  mix  shotcrete  at  $1.67  per  sq  ft 

+  single  form  at  $0.75  per  sq  ft   =  $2.42 
Cast  concrete  at  $0.72  per  sq  ft 

+  double  forms  at  $1.50  per  sq  ft  =   2.22 


$0.20 
Cast  concrete  is  more  economical  by  20  cents  per  square  foot. 

4-in.  wall,  cost  per  square  foot 

Wet-mix  shotcrete  at  $0.56  per  sq  ft 

+  single  form  at  $0.75  per  sq  ft   =  $1.31 
Cast  concrete  at  $0.24  per  sq  ft 

+  double  forms  at  $1.50  per  sq  ft  =   1.74 


-$0.43 
Shotcrete  for  the  4-in.  wall  costs  43  cents  less  per  square  foot 
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FIGURE  E. 3   IMPROVED  STRENGTH  AND  TOUGHNESS  OF  FIBROUS 
CONCRETE  OVER  CAST  IN  PLACE  CONCRETE 
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APPENDIX  F 

ULTIMATE  STRENGTH  COMPUTATIONS 
AND  SOIL- STRUCTURE  INTERACTION  PARAMETERS 
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F.l   Ultimate  Strength  Computations 

These  calculations  were  made  so  that  some  basis  was  avail- 
able to  which  the  results  of  the  seismic  bridge  analyses  could  be 
compared.   The  hand  calculated  ultimate  bending  moment,  M  ,  and 

Li. 

ultimate  axial  compression,  P   ,  were  based  on  the  assumption 
that  the  cross  section  was  under  pure  bending  and  pure  axial  com- 
pression respectively.    This  leads  to  a  conservative  result  for 
bending  since  under  the  combined  action  of  bending  and  axial  com- 
pression (which  is  generally  the  case) ,  the  ultimate  moment  a 
cross  section  can  experience,  may  exceed  that  for  pure  bending. 
However,  since  this  result  is  conservative,  and  the  analysis  re- 
sults approximate,  it  is  believed  that  the  comparison  is  still 
valid. 

F.l.l  Notation  —A  list  and  definitions  of  parameters  which 
appear  most  often: 

M   -  ultimate  bending  moment  about  the  long  (weak) 

axis  of  a  cross  section  of  a  bridge  superstruc- 
ture or  substructure  component  for  positive 
curvature  (i.e.,  compression  in  the  upper  fibers, 
tension  in  the  lower  fibers). 

M   =  same  as  M  but  for  negative  curvature  (i.e. ,  ten- 
sion in  the  top  fibers,  compression  in  the  bottom). 

P   =  ultimate  axial  compression  load 

uc  K 

P   =  ultimate  axial  tension  load 
ut 

V   =  ultimate  shear.  Parallel  to  the  short  (strong) 

axis  of  a  cross  section. 

f   =  unit  ultimate  compressive  strength  of  concrete 
as  determined  by  cylinder  tests  at  the  age  of 
2  8  days  (generally  given  as  3000  ps i  on  bridge 
plans) . 

f   =  yield  stress  of  the  reinforcement 

sy   J 

f   =  allowable  stress  of  the  reinforcement 
s 

A'   =  area  of  the  compressive  reinforcement 

A   =  total  area  of  the  longitudinal  reinforcement 

A   =  total  area  of  shear  reinforcement  in  tension 


v 


within  a  distance  "S"  (measured  in  a  direction 
parallel  to  that  of  the  main  reinforcement) ,  or 
the  total  of  all  bars  bent  up  in  any  one  plane. 
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S   =  spacing  of  the  shear  reinforcement,  measured 

at  the  neutral  axis  in  a  direction  parallel  to 
the  main  reinforcement. 

b   =  width  of  beam 

d   =  effective  depth,  or  depth  from  compression  sur- 
face of  beam  to  centroid  of  tension  reinforcement. 

d'   =  depth  from  compression  surface  of  beam  to  cen- 
troid of  compressive  reinforcement. 

<f>       =   capacity  factor  =  0.85  for  shear 

F . 1 . 2  Formulas  for  Ultimate  Strengths  of  Superstructure 
Components --Bridge  1,  Dillon,  Montana:   The  superstructure  of 
bridge  1  consists  of  prestressed  reinforced  concrete  AASHO  type 
IV  beams  with  a  reinforced  concrete  deck  with  composite  action. 
Since  the  prestressed  concrete  beams  have  a  much  greater  contribu- 
tion to  the  flexural  strength  of  the  superstructure  than  the  slab, 
the  ultimate  bending  moment  calculations  for  the  superstructure 

are  based  on  just  the  beams.   The  ultimate  bending  moment  (for 

F-l 

positive  curvature)  of  superstructure  components  is  given  by 

A   f*  * 
M   =  A   f *  d  1-0.6   sr   SU 


uc    sr  su   1     *   b '  d  f ' 


+  0.85  r  (b  -b')  t(d-  0.5t) 


+  A'  f   d'  (F.l) 

s  sy   s 

where 

A   =  A  -  A  r   =  the  steel  area  required  to  develop 

the  ultimate  compressive  strength 

of  the  web  of  a  flanged  section 

* 
A  f  =  0.85  f'(b-b')  t/fsu  =  the  steel  area  required 

s  to  develop  the  ultimate  compressive 

strength  of  the  overhanging  portions 

of  the  flange 

A  =  area  of  prestressing  steel 

b  =  width  of  the  top  flange 

b '  =  width  of  the  web 

t  =  average  thickness  of  the  top  flange 

f       =  average  stress  in  the  prestressing  steel  at 
ultimate  load 


F  1 

"Standard  Specifications  for  Highway  Bridges"  Adopted  by  the 

American  Association  of  State  Highway  Officials,  11th  Edition 

(1973) 
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d   =  distance  from  the  extreme  compression  fiber 
to  the  centroid  of  the  prestressing  steel 

d'   =  distance  from  the  centroid  of  the  compression 

steel  to  the  centroid  of  the  prestressing  steel. 

An  upper  bound  to  the  ultimate  bending  moment  (for  negative  curva- 
ture) of  superstructure  components  can  be  shown  to  be  given  by 
M   =  Ce  where  C  =  resultant  compressive  force  in  equilibrium  with 
the  total  prestress  force,  and  e  =  the  distance  from  the  centroid 
of  the  prestress  force  to  the  extreme  compression  fiber  for  nega- 
t  ive  curva  tur e . 

The  ultimate  axial  compressive  force  of  superstructure  com- 
ponents is  given  by  (Ref.  F-l) 

P   =  0.8  (0.225  f '  A„  +  A'f  )  (F.2) 

uc  c   g    s  s' 

The  ultimate  axial  tensile  force  of  superstructure  components  is 

given  by  P  ,  =  A  f   +  F     where  F     =  total  effective  pre- 
&      J      ut    s  sy    pres        pres  r 

stress  force  after  all  losses  for  a  particular  span. 

The  ultimate  shear  strength  of  superstructure  components 

F-2 
(based  on  the  prestressed  beams  only)  is  given  by 


'■-[■ 


V-   :~      *   fsy  VS   +  U   ^l  b 


(F.3) 


Bridges    2   and   3,    Benecia   and  Los   Angeles    County   California: 
The   superstructures   of  bridges    2   and   3   are   reinforced  concrete 
box  girders.      The    cross   sections  were   treated  as    combinations    of 

T-sections.      The  ultimate  bending  moment  of  the   superstructure 

F-  3 
components    (for  positive    curvature)    is    given  by 


M        =   N 
uc 


||    Tub  d2+  A;    fgy    (d-d')j  (F.4) 


F_2"Theory   and  Problems    of  Reinforced  Concrete   Design",    Everard 
and  Tanner,    Schaum  Publishing   Co.     (1966) 

F-3"Ultimate  Load  Analysis    of  Reinforced  and  Prestressed  Concrete 
Structures",    L.    L.    Jones,    Interscience    Publishers,    A  Division 
of   John   Wiley   and   Sons,    Inc.     (1962) 
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2d  /d  - 


where 

b  ,  /        b    l 

Y  =    4b  +  ll1"^) 
0    <    y  1  0.25 

b      =    thickness    of  web 
r 

d     =    thickness    of    flange 
s  & 

u     =    f/0.78 
c 

N     =  number   of  idealized  T-sections 

For  negative    curvature  M    .     is    also    computed  using   equations    (F-4) 
and  redefining   the   above   parameters    appropriately. 

The  ultimate   axial   compression   of    the   superstructure    compo- 
nents,   P      ,    is    given  by   equation    (F.2)    while    the   ultimate   axial 
tension    is    given  by 

P    -  =   Ao    f  (F.5) 

ut  s      sy 

The  ultimate  shear,  V  ,  of  the  superstructure  components  is 
again  given  by  equation  (F.3). 

Bridge  4,  Metropolis,  Illinois:   Bridge  4  is  a  steel  girder 
bridge  with  six  33WR130  beams  per  span  (three  spans,  continuous) 
and  a  reinforced  concrete  deck  without  composite  action.   Since 
the  girders  contribute  much  more  to  the  ultimate  strengths  of  the 
superstructure  than  the  deck  and  also  since  the  girders  and  deck 
act  independently,  the  calculations  are  based  solely  on  the  girders 
For  both  positive  and  negative  curvatures ,  the  ultimate  bending 
moment  of  the  superstructure  components  will  be  given  by  (Ref.  F- 1) 


where 


M  =  M   +  M  _  =  F   Z  (F.6) 

u    uc    ut    y 

F     =   yield  strength  of  the   steel 

=    36,000   psi    for   type  A-36   steel 
Z      =  plastic   section  modulus 

The   ultimate   axial   compression   or   tension   is    given  by 

P     =   P        =    P    ■    =   A  F  (F.  7) 

u  uc  ut  y 

where  A  =    total   cross-sectional  area   of   the   six  beams. 
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In  determining  the  ultimate  shear,  it  is  assumed  that  the 
webs  of  the  steel  girders  carry  the  total  shear,  thus  neglecting 
the  effects  of  the  slab  and  the  steel  flanges.   The  ultimate  shear, 
which  may  be  assumed  to  be  uniformly  distributed  throughout  the 
gross  area  of  the  web,  is  then  given  by  (Ref.  F-l) 


where 


t   =  shear  stress  at  yield  =  0.33  F 
A  =  total  area  of  the  webs 

Bridges  5  and  6,  Anchorage,  Alaska  and  Susquehana,  New  York: 
These  two  bridges  are  steel  girder  bridges  with  reinforced  con- 
crete decks  with  composite  action.   The  ultimate  moments  (positive 
curvature)  of  superstructure  components  were  computed  following 
the  procedure  described  in  Section  1.7.127  of  Ref.  F-l.   The  ulti- 
mate bending  moments  for  negative  curvature  are  given  by  equation 
(F.6). 

The  ultimate  axial  compression  (and  tension)  and  the  ultimate 
shear  were  computed  using  equations  (F.  7)  and  (F.8)  respectively. 

F . 1 . 3  Formulas  for  Ultimate  Strengths  of  the  Substructure 
Components  —Except  for  slight  modifications  to  account  for  geo- 
metrical variations,  the  ultimate  bending,  axial,  and  shear  loads 
for  the  substructure  components  of  all  the  bridges  were  computed 
from  the  same  formulas.   ^ 

The  ultimate  bending  moment,  (the  same  now  for  both  positive 
and  negative  curvatures  since  the  substructure  cross  sections  are 
doubly  symmetric)  is  given  by  (Ref.  F-l) 


M  =  0.9 
u 


Aa  f   d  (1  -  0.6q) 
s   sy  n 


where 


q  =  p  f  IV 
H   v      sy   c 

p  =  As/bd 

The  ultimate  axial  compression  is  given  by  (Ref.  F-l) 


0.8|0. 


P   =  0.8  0.225  f'  A„  +  Ao  f 
UC  C   g     s   s 
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provided   the   ratio  of  the    length    to   the    least    lateral   dimension, 
L/D   is    less    than   10.      If  L/D  is    greater   than    10,    then 


P        =   0.8 
uc 


0.2  25    f*    A^  +  A      f 
eg  s      s 


(1.3  -  0.03  L/D) 


The  ultimate  axial  tension  is  given  by  P   =  A  f   where 

J      ut         s     sy 

A     =    total  area  of  the   steel  in   the    cross    section. 
The  ultimate  shear   is    given  by   equation    (F. 3) ; 

d. 


V     = 
u 


4>  f       A   /s   4-  2<f>   /F~  b 
sy      v  c 


The   calculations   based  on    the   formulas    summarized  in   sub- 
sections   F.1.2    and  F.1.3   are  presented   in   Tables   F. 1    through   F.6. 

F. 2      Soil-Structure   Interaction   Parameters  ' 

Soil-structure   interaction  was   modeled   as    six   degree  of  free- 
dom systems    of   springs    and   dashpots    connecting   the    foundations    of 
the  bridge   supports    (abutments   and   piers    or  bents)    to    the    soil  nodes 
(Figure   F.l).       The   effect   of   the    embedment    of    the   footings    in    the 
soil  was  not   included.       It   is    realized  that   embedment   increases 
the   stiffness    of   the    footing-soil   system,    but    this    increase  would 
not  result    in   a    change    in    the   order   of  magnitude    (i.e. ,    it  would 
generally  be   on   the   order  of  approximately    50  percent   for   the 
cases    of   interest).      The  stiffness    and   damping  parameters    are   com- 
puted  from   formulas   which   treat    the  soil   as    an   elastic  half -space. 
The   spring   constants   are    directly   proportional   to   the   shear  modu- 
lus   of   the   soil,    G,    and  the   damping   constants    are   directly  propor- 
tional   to   the    square   root   of   the  product  of  G  and   the  mass    density 
of  the  soil,    p.       Since   these   parameters    can   only  be   determined 

in   situ    (i.e.,    by   experiments    on    the  soil   at   the   site)    they  must 

F-  4 
be   approximated.  Keeping    in  mind  that  both   G  and   p  vary  with 

depth,    it    is   believed   that  not    including   the    effect   of   embedment 

can  be   rationalized   from  an   engineering  point   of  view. 


F-4 

F.    E.    Richart,    Jr.     "Vibrations    of   Soils    and  Foundations 

Prentice-Hall    (1970) 
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Table   F. 7   and  Figure   F. 2    summarize   the    formulas    for   the   stiff- 
ness   parameters    of   a   rigid   rectangular   footing   resting   on    (i.e., 
having   the  bottom   in    contact  with),    an   elastic  half-space 
(Ref.    F-4). 

The   contributions    to  the    footing  stiffnesses    from  the  piles 
are  now   considered.      The  vertical  stiffness    for  a  pile    footing 
(not    in    contact  with    the   soil)    can  be  written   as: 

k        =  N  k    ,  (F.9) 

zp  zl  v         ' 

where 

N        =   number  of  piles    supporting   the    footing 

k    n    =   vertical   stiffness    of   one   pile 
zl  r 

The   vertical   stiffness    of   one    friction  pile   is    given  by 

kzl=f  (F.10) 

where 

A  =    cross-sectional   area   of   the  pile 

E  =   Young's   modulus    of   the  pile 

L  =    effective    length   of  the  pile    (approximately 
one -half    the   pile    length) 

The  vertical   stiffness    of   one   point-bearing  pile    (assuming   the   re- 
sistance  developed   at    the  pile   tip    is   much   greater   than    that    de- 

F-  "5 
veloped  by    friction   along   the  sides)    is   given  by 

K\   =    — R"V  (F-U> 

zi        2(l-vZ) 

where 

R  =    the   radius    of   the  pile 

E  =   Young's    modulus    of   the   soil 

v   =    Poisson's    ratio  of   the   soil. 

This    also   assumes    a    circular    cross    section    for   the  pile,    and  that 
the  pile  bears    on   an   elastic  half-space. 


F_5R.    J.    Roark,    "Formulas    for   Stress    and  Strain",   McGraw-Hill    (1965) 


304 


The  horizontal   stiffness    of   a  pile   footing  not    in   contact 
with    the   soil   can  be   written   as : 

k        =   N  k    -,  (F.  12) 

xp  xl  v  ' 

where 

N   =  number  of  piles  supporting  the  footing 

k  ,  =  horizontal  stiffness  of  one  pile 
xl  K 

The  horizontal  stiffness  of  one  long  pile,  restrained  from  rotating 

V—  6 
at  the  footing,  is  given  by 

k  -,  =  (EI)2/5  f3/5  (F.13) 

where 

I  =  moment  of   inertia   of    the  pile    cross-sectional   area 

E  =   Young's   modulus    of  the  pile 

f  =    coefficient    of  variation   of   the   soil  modulus    of 
elasticity   as    given  in  Figure   F.3. 

This  holds    for  piles    in   very   soft   to  medium  stiff   fine   grained 
and  stiff   to  very   stiff   coarse   grained  soil   and   for   pile   lengths 
greater    than   5(EI/f)         .       If  the   pile    is    sited  in   stiff  to  hard 
clay,    the  horizontal  stiffness   of  the   pile   is   given  by    (Ref.  F-6) 

kxl  =   0.6    (EI)1/4  Es3/4  (F.14) 

where 

E     =   effective    constrained  modulus    of  the    clay   to   a 

depth   equal   to   the  pile    length  necessary    for    the 
pile  to  be    considered    long    (i.e.  ,    6ll/4(E/E c)1/4) 

All    the  piles    encountered  in   this    study  were    "long"  piles. 

The  rocking  stiffness    of   a  pile    footing    (assuming  no    contact, 
pure   rotation,    and  that    the  piles    are   acted  on  by   axial   forces    only) 
can  be   shown   to  be   given  by 

N'    k    ,    ql 
k        =   *L21  (F>15) 

^P  2 


F-6"Soil  Mechanics,  Foundations,  and  Earth  Structures",  NAVDOCKS  M-7, 
Dept.  of  the  Navy,  Bureau  of  Yards  and  Docks  (May  1962) 
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where 

N'      =  number   of  piles    to    one   side   of  the   axis    of  rocking 
qfl      -    as    shown    in   Figure   F. 1 

k    i    =   vertical   stiffness    of  one  pile   given  by   equations 
Z1        (F.10)    or    (F.ll) 

The  torsional  stiffness  of  a  pile  footing  (assuming  no  con- 
tact, and  that  the  piles  are  acted  on  by  horizontal  forces  only) 
can  be   shown    to  be    given  by 

k9p=Nkxlq2  (F.16) 

where 

N  =  number   of  piles    supporting    the    footing 

k  -,    =  horizontal   stiffness    of  one  pile 

q  -    as    shown   in   Figure   F.  1 

The   total   stiffness    of  a  pile    footing   is    determined  by   just   adding 
the   terms    for   the   respective   degrees    of    freedom  from  Table  F.2 
(contribution    to    the    footing   stiffness    from  the    footing  alone)    and 
equations    (F.9)    to    (F.16)    (contribution    to    the    footing   stiffness 
from  the  piles    alone) . 

The   geometrical  or  radiation   damping   constants  were    computed 
without    consideration   of   the  piles.       The    formulas    used   to    determine 
the   geometrical   damping  parameters    are   summarized  in   Table   F. 8 
(Ref.    F-4). 

The   stiffness    and   geometrical   damping   constants    for   the   sub- 
structure   components    of  the  seven  bridges    involved  in    this   study    are 
listed   in  Table   F.9. 
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2D(3) 


q      =    radial   C.G. 
of  N  piles 


* 


V;#2)c* 

kx(x)(l)  Cx 


-k  ,  C 
n  z    z 


j.  z 


2R 


C.G.  of  N'  piles 


q9/z 


(1)    k    (x)    =   horizontal   stiffness    in    the   x   direction 


x 


(2)  k  (x)  =  rocking  stiffness  about  the  x  axis 

(3)  2D  is  the  dimension  measured  perpendicular  to  the  axis 

about  which  rocking  is  being  considered 


kx(y) 


X 


FIGURE  F. 1   PILE  FOOTING  CONFIGURATION 
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TABLE  F. 7 

STIFFNESS  PARAMETERS  FOR  A  RIGID  RECTANGULAR 
FOOTING  RESTING  ON  AN  ELASTIC  HALF- SPACE 

Direction  of  Motion    Stiffness  Parameter 


Vertical 
Horizontal 
Rocking 
Torsion 


z         1-v      z 


k     =   4(l+v)    G    6      /c3 

XX 

h  =  t^  "♦ 8cd2 

k0  ■   "  G  ro 


where:       v  =    Poisson's    ratio    of    the   soil 
G 


o 
c,d 


shear  modulus    of    the   soil 


16-cd(c2  +d2) 
6fr 


=   Half   length   and  width   of   footing 


x 
or 


/32 

r 

^.^ 



A|, 

^»— H 

.^  - 

-r"'" 

0x- 



1.5 


0.1  0.2  0.4         0.6  1.0 

d/c 


1.0 


0.5 


4  6        8     10 


FIGURE  F. 2   STIFFNESS  COEFFICIENTS  6  ,  B   AND  6, 
FOR  RECTANGULAR  FOOTINGS2    X      v 
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FIGURE  F.  3   COEFFICIENT  OF  VARIATION  OF  THE  SOIL  MODULUS 
OF  ELASTICITY  WITH  DEPTH  (Ref.  F-6) 


314 


TABLE  F.8.  -GEOMETRICAL  DAMPING  PARAMETERS  FOR  A  RIGID  RECTANGULAR 
FOOTING  RESTING  ON  AN  ELASTIC  HALF  SPACE 

Direction        Geometrical  Damping 
of  Motion  Parameter 

3.4  r2   /^G 

Vertical   ,     C  = J^ 

z       1-v 

18.4  (1-v)  r2   /p~G 

Horizontal      C  =  =r— * — 

x  7-8 

v 

=   0.545   C 
z 

0.8  r4     /pG 
Rocking  C^  =    a.v)°I+B^ 

Torsion  CQ   -   rTf1| 


where:      v  =   Poisson's    ratio   of  the  soil 
G  =    Shear  modulus    of   the  soil 
p   =   Mass    density   of    the   soil 

74 


roz 


/4cdvl/2  (16   cd3)1, 

OX  ^     7T     ;  '         r0\\)  \        37T        ) 


3(l-v)    I 

B,      =   f— ^  =  mass    ratio    for   rotation 

*  8pr5, 

/  0  0 

I       =   ^  cdhp  (d    +h    )    =   Footing  mass  moment  of   inertia 
^  about   the   center  of  rotation 

kfl     =   torsional   stiffness    (see  Table  E.l) 

Bq      =   — c—  =  mass    ratio   for   rotation 
Pro0 

/  0  0 

Iq     =   %  c  dh  p  (d    +c    )    =    footing  mass  moment  of  inertia 

about   the    center  of   twist 


|16    cd    (c2  +  d2)| 
L  5i  J 


1/4 
116    cd    Cc^  +  d^  I 
ro9 
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